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Abstract  

Stability of large diameter cantilever type steel tubular pile wall embedded in soft rock 

subjected to various loadings  

By S M Shafi  

Doctor of Philosophy in Engineering, Department of Civil and Environmental Engineering 

Tokyo Institute of Technology, Japan 

 

The application of Cantilever type Steel Tubular Pile (CSTP) walls as permanent or temporary 

retaining structures has increased in recent decades. Technological advancements like the rotary 

cutting press-in technique make constructing this wall in populated urban areas possible. Also, it 

becomes possible to construct this type of wall on comparatively stiff ground like soft or hard rock. 

Although technology has advanced, the current design guidelines are not well rationalized to 

consider the specific features of the wall, like a very large stiffness wall embedded in stiff ground. 

Several concerns were raised by the engineers and researchers, for example, the selection of 

minimum embedment depth, 3D behaviour of steel tubular pile wall, heterogeneity of embedment 

conditions in the stiff ground, and the applicability of the bi-linear p-y curve for dynamic 

conditions. Also, the stability of the CSTP wall against extreme loading like earthquakes, buildup 

of water pressure on the retain side or the combination of both should be checked from the 

serviceability limit to the ultimate conditions. Not enough research was done to investigate the 

concerns mentioned above by physical means, such as physical modelling. This research addresses 

these concerns by physical modelling using the Tokyo Tech Mark III centrifuge. At first, the 

complex CSTP walls model is simplified into simple pile loading and wall loading tests, with clear 

loading conditions, to avoid the complex soil wall interaction observed in actual CSTP walls with 

retained soil. Then, five centrifuge model tests were conducted using the actual CSTP wall with 

retained soil embedded into soft rock subjected to sequential loadings.  

Using the Tokyo Tech centrifuge facility, a single pile loading test with different rock socketing 

depths (dr) was conducted in 1g. The purpose of using the 1g model test was that it could provide 

helpful information about the lateral resistance of the pile due to less stress dependency of the soft 

rock material. Three stainless steel piles with outer diameter (Φ) of 40mm and thickness (t) of 

0.5mm were used. The piles were socketed into artificially prepared soft rock with normalized 

rock socketing depths (dr/Φ) of 1.0,1.5,2.0. By controlling the displacement, a one-way horizontal 

cyclic load was applied on each pile at a loading height (hL) of 130mm from the rock surface. The 

1g pile loading test results were compared with the previously conducted 50g pile loading test. 

The lateral resistance of the pile increases with the rock socketing depth in both the 1g and 50g 

pile loading tests. The 1g model could predict the lateral resistance of the centrifuge model test up 

to a small imposed displacement. However, at larger imposed displacement, the 1g model 

underestimates the lateral resistance compared to the 50g model due to early crack formation, 

proving the advantage of using the centrifuge model test. In addition, a detailed calibration of the 

model pile was conducted to investigate the mechanical behaviour of the pile. For a pile with a 

diameter-to-thickness ratio (Φ/t) of 80, nonlinearity in the bending moment and strain occurs at 
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approximately 65% of the theoretical yielding moment, which limits the applicability of the Euler-

Bernoulli theorem up to this level. 

The simplified CSTP wall loading test under 50g centrifugal acceleration with clear loading 

conditions was used to study the load resistance (p-y) curve concept, specifically to investigate the 

JARA-recommended design p-y curve. Also, Finite Element Method (FEM) analysis using Plaxis 

2D was conducted to examine the potential impact of container boundaries on the lateral resistance 

of the centrifuge model. The analytical tool "Lpile" by Ensoft was utilized to study the p-y curve. 

Furthermore, using the centrifuge test condition, a stability analysis using the limit equilibrium 

method was carried out to discuss the effect of base shear on the lateral resistance of the wall. From 

the FEM analysis, no significant effect of the container side wall on the lateral resistance was seen, 

except a minor effect for dr/Φ=2. Based on the stability analysis, the factor of safety increases with 

the increase of embedment depth. Mobilization of the base shear resistance could provide 

additional stability to the wall. However, the contribution of base shear resistance depends on the 

dr/Φ ratio, i.e., a smaller ratio would mobilize larger base shear resistance. The bi-linear P-y curve 

without base shear recommended by JARA (2017) could be more conservative for predicting the 

load-displacement relationship of large-diameter piles embedded in the stiff ground. Two springs 

model, where the lateral spring is defined by the JARA (2017) and a base shear spring with stiffness 

1/3 of the lateral spring recommended for caisson type foundation by JARA (2017), could predict 

the load-displacement curve at small to large imposed displacement (<10.0%Φ) reasonably.  

A large diameter (Φ=2m) cantilever steel tubular piles (CSTP) walls embedded in a soft rock were 

modelled in a centrifuge with the wall height H=12m and different embedment conditions and dry, 

dense sand as the retained soil under 50g centrifugal acceleration. Five centrifuge tests were 

conducted. Three tests included a single rock layer with embedment depth (dr) of 2.5 (β.dr=1.0) 

and 3.0m (β.dr=1.2). Two tests included rock with overlaying sand layer (ds) to discuss the effect 

of heterogeneity of the embedment condition. Among them, the first model had an embedment 

depth equal to 3m (dr=2.5m;ds=0.5m), and the latter had an embedment depth of 3.5m 

(dr=2.5m;ds=1.0m). Sequential loadings were applied to the wall to investigate the wall 

performance under extreme loading conditions. Dynamic loadings were first applied by sinusoidal 

input acceleration with a predominant frequency of 1Hz, followed by the water rise to the water 

height hw>2H/3 in the retained sand as a static loading. Another series of dynamic loadings was 

applied in the wet condition. The water level was increased further, and dynamic loading was 

finally imposed on the wall. In one single rock layer model, static loading by water rise was applied 

first, followed by large dynamic loading. Stability against the catastrophic failure was confirmed 

for the single rock layer model with dr=2.5m (β.dr=1.0) even at a wall displacement of more than 

4%H. Further increasing the dr by 0.5m could significantly improve the wall stability. The 

weathering of the shallow rock layer could reduce the factor of safety and increase the wall top 

displacement. For high-stiffness walls embedded into the stiff ground with good confinement 

conditions, the residual effective earth pressure increases with the wall displacement by dynamic 

loadings, defined as the "elastic resilience effect" in this study. The effective earth pressure ratio 

(σ′h/σ′v) observed after final loading was larger than the design active (Ka) or even at-rest (K0) 

pressure coefficient due to the resilience effect. It suggests that commonly assumed Ka or K0 earth 

pressure in the design might lead to underestimating the wall bending moment. The long-term 
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creep displacement could reduce the resilience effect for the less redundant CSTP wall used in this 

research. The long-term creep displacement of the wall will be less of a concern for the dynamic 

loading than the static loading due to the reduction of earth pressure developed by the resilience 

effect. For the large diameter thin wall tubular pile, a stress concentration or a propping action 

might cause the local deformation of the pile near the rock surface, which affects the bending 

moment measurement using strain gauges. 9. If the actual total earth pressure acting on the wall 

can be measured in the real site, using the two-spring model , where the lateral spring is defined 

by the JARA (2017) and a base shear spring with stiffness 1/3 of the lateral spring recommended 

for caisson type foundation by JARA (2017) and actual total earth pressure as imposed load, could 

reasonably predict the residual wall displacement up to δt<0.5%H. However, assuming the 

commonly used active or at-rest earth pressure as imposed external load might underestimate the 

residual wall displacement due to the resilience effect, which is unique for the high stiffness wall 

embedded into stiff ground. There are several limitations of using the bi-linear p-y curve to predict 

the residual wall displacement. Firstly, in actual conditions, as the residual wall displacement 

increases, the plastic deformation of the rock could reduce the kH, which cannot be predicted by 

the bi-linear p-y curve with constant kH. Therefore, a bi-linear p-y curve with variable kH based on 

the plastic deformation could provide a more accurate residual wall top displacement prediction. 

Secondly, the bi-linear p-y curve cannot predict the resilience effect, which occurs during the 

dynamic loadings. 
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Chapter 1 

Introduction 

1.1 General: 

The application of Cantilever type Steel Tubular Pile (CSTP) walls (Figure 1.1) as permanent or 

temporary retaining structures has increased in recent decades (Gaba et al., 2017). Typically, the 

application of cantilever-type sheet pile walls is limited to moderate retained heights in relatively 

soft foundation conditions due to various limitations associated with the soil, structure, and soil-

structure interaction (JARA 1999; AIJ, 2001; Madabhushi and Chandrasekaran, 2005). rapid 

urbanization and infrastructure development near mountainous sites often require taller cantilever-

type retaining walls due to space constraints or anchoring complexities. The recent advancements 

in technology, like the rotary cutting press-in technique (as shown in Figure 1.2), have made it 

possible to install large-diameter steel tubular piles even in hard ground conditions such as rock, 

gravel, and even concrete, as shown in. (Kitamura and Kitamura, 2018; Miyanohara et al., 2018; 

Matsuzawa et al., 2021). Although technology has advanced, the current design guidelines are not 

well rationalized to consider the specific features of the wall, like a very large stiffness wall 

embedded in stiff ground. Therefore, the engineers and researchers raise several concerns about 

applying the CSTP wall into stiff ground. 

 

Figure 1.1: Cantilever retaining walls. 
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1.2 Problem Statement: 

There are two main concerns when using large-height cantilever walls as permanent structures. 

First, significant displacements are caused by wall bending and deflection (translation and rotation) 

in the embedded soil, which exponentially increases with the retaining height. Second, the lack of 

structural supports such as tie-back plates or ground anchors reduces the redundancy of the 

structure. While high-stiffness walls can reduce bending deformation, they require a large 

embedment depth to control wall deflection within allowable limits in soft ground (Powrie, 1996). 

Conversely, wall deflection can be significantly reduced in relatively hard mediums such as soft 

to hard rocks.  

 

Figure 1.2: Rotary cutting press-in technique (Gyro piler) (Kitamura and Kitamura, 2018). 

 

Figure 1.3: Application of cantilever-type steel tubular pile walls (Miyanohara et al., 2018). 

However, the design of Cantilever type Steel Tubular Pile (CSTP) walls in relatively hard mediums 

still lacks specific guidelines (Takemura, 2021). The current design methods rely on the theory of 

Site condition Before construction During construction After construction

Site condition During construction After construction
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beams on elastic foundation, where the required minimum embedment depth increases with the 

flexural rigidity of the wall, regardless of types of lateral loads (simple earth pressure in normal 

conditions or in extreme conditions like buildup of water pressure due to poor drainage, earthquake 

or the combination of both) and retained height (JTASPP-ACTC, 2007).  Another concern is the 

local and 3D behaviour of the steel tubular pile wall compared to conventional 2D walls. Also, the 

heterogeneity of the embedment condition needs to be considered when constructing a CSTP wall 

in stiff ground like soft rock, as the shallow rock layer may deteriorate by the construction process, 

providing no to small lateral resistance to the wall. Furthermore, using a simple bi-linear p-y curve 

to predict the wall behaviour, especially after seismic loading, needs to be thoroughly investigated 

for CSTP walls embedded in stiff ground. In addition, the long-term behaviour of the large retain 

height CSTP wall should be studied. Although the current design technique covers all the concerns 

related to design, this can significantly overestimate the embedment depth and overall cost of 

applying CSTP wall in the hard medium. 

 

1.3 Goals and Objectives: 

The main goal of this research is to investigate the stability of CSTP walls embedded in soft rock 

subjected to various loads and provide some appraisal of the rationalization of the design method.  

To achieve this goal, several detailed objectives have been defined as follows: 

1. To develop a centrifuge model for the CSTP wall embedded in soft rock or soft rock with 

overlaying sand subjected to various loadings. 

2. To investigate the deformation and failure behaviour of CSTP wall embedded in soft rock 

or rock with overlaying sand subjected to sequential dynamic and static loading. 

3. To select a suitable lateral resistance (p-y) curve to stimulate the behaviour of the CSTP 

wall embedded in soft rock subjected to various loadings. 

4. Through objectives 1 to 3, provide some prediction to rationalize the current design method 

of CSTP wall embedded in stiff ground like soft rock subjected to various loadings. 
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1.4 Scope and Challenges: 

This research focuses specifically on applying cantilever-type steel tubular pile (CSTP) walls in 

soft rock. Although various alternative methods and materials can be used to construct cantilever 

walls, this study narrows down the investigation to large-diameter CSTP walls in soft rock. Also, 

the actual construction process includes several construction stages. The wall behaviour depends 

on those construction stages. However, in this study, the investigation of the wall behaviour is 

limited to the construction stage of the CSTP wall after excavation. 

Different modelling and testing approaches can be utilized to investigate the behaviour of the 

CSTP walls. The three most common approaches are real field tests, numerical, and physical 

modelling. In the actual field, conditions pose challenges due to their diverse and complex nature, 

influenced by factors like discontinuities, fissures, and cavities. Conducting load tests to study the 

behaviour of CSTP walls under different deformations is not feasible in the actual field, and the 

associated costs are high. Furthermore, the mechanical properties of the embedment medium vary 

between locations, making it challenging to develop generalized design guidelines. On the other 

hand, numerical simulation offers advantages over experiments, allowing for a wide range of 

analyses by adjusting the strength and stiffness of the embedded medium to account for 

discontinuities, fissures, and degradation of soft rock materials. However, numerical models have 

limitations in capturing the actual behaviour of rock-wall interactions, nonlinear deformations of 

embedded mediums, local deformations, failure modes of both the structure (tubular pile walls) 

and rock, and time-dependent characteristics like creep.  

Considering the limitations of real field tests and numerical modelling, this study uses physical 

modelling by using a geotechnical centrifuge. The geotechnical centrifuge modelling provides 

several advantages. Centrifuge modelling offers the possibility of achieving stress similarity 

between a model and a prototype, allowing for the modelling of rock-wall interaction under similar 

confining pressures. This approach enables the study of time-dependent deformation 

characteristics, such as creep, at a scale of the model-to-prototype ratio of 1:1. Additionally, the 

long-term consolidation behaviour, with a model-to-prototype ratio of 1:N2, can be simulated in a 

shorter period by utilizing centrifugal acceleration. Several challenges are associated with the 

geotechnical centrifuge modelling of soft rock. Commonly, synthetic soft rock models are used for 

experimental investigations, proving their ability to replicate the stress-strain behaviour of natural 
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soft rocks. These models allow for parametric studies and provide uniform conditions for advanced 

experimental investigations and the characterization of embedded medium. However, they cannot 

capture non-uniformities and discontinuities present in actual field conditions. Therefore, a 

combination of field investigations, numerical analysis, and physical modeling is recommended to 

change the design guidelines. 

 

1.5 Organization of the Dissertation 

Figure 1.4 shows the orientation of the dissertation. The dissertation is organised into six chapters. 

A summary of each chapter is given below: 

Chapter 1 (Introduction): This chapter discusses the motivation, problem statement, scope and 

challenges related to this research. 

Chapter 2 (Literature review): This chapter includes the necessary literature review related to 

cantilever-type retaining walls, the current design method, the failure history of the cantilever 

retaining wall, the lateral resistance of the pile in different ground conditions, and centrifuge 

modelling of the cantilever retaining wall. 

Chapter 3 (Mechanical behaviour of laterally loaded single pile socketed in soft rock): This 

chapter includes the method of preparation of artificial soft rock and pre-study related to critical 

parameters like mechanical properties of the model pile, soft rock and the lateral response of the 

pile socketed in the rock layer. 

Chapter 4 (Lateral response of large diameter Cantilever type Steel Tubular Pile wall (CSTP) wall 

embedded in soft rock subjected to one-way cyclic loading):  This chapter includes the 

investigation of lateral resistance of the CSTP wall by utilizing analytical tools like Lpile software. 

Finally, from this chapter, the lateral resistance (p-y) curve, which is used to investigate the 

complex CSTP wall model discussed in Chapter 5, is studied. 

Chapter 5(Centrifuge modeling of large diameter Cantilever type Steel Tubular Pile wall (CSTP) 

wall embedded in soft rock subjected to sequential dynamic and static loadings): This chapter 

includes the modelling technique of the CSTP wall embedded into soft rock subjected to sequential 
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dynamic and static loadings. Discuss the limitations and challenges of the modelling technique 

and the observed typical behaviour of the CSTP wall based on the test conditions. 

Chapter 6 (Conclusions and recommendations): This chapter includes the conclusions from this 

research and provides some future recommendations. 

 

Figure 1.4 : Orientation of the dissertation. 
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Chapter 2 

Literature review 

2.1 Introduction: 

To gain a comprehensive understanding of the complex behavior of CSTP walls, it is crucial to 

explore the design principles behind cantilever retaining walls, the various modelling techniques 

to investigate the behaviour of cantilever retaining walls, and the anticipated lateral response of 

the wall under various loading conditions. Extensive literature exists on the subject, and this 

chapter provides a summary of the relevant literature related to this research. 

 

2.2 Design and Stability of Cantilever retaining wall: 

A typical design chart followed by IPA to construct a steel tubular earth retaining structure is shown 

in Figure 2.1. the first step in the design process includes the selection of design loads. So, a proper 

estimation of the design loads is one of the crucial conditions for the proper design of the wall. 

Once the design loads are determined, adequate stability analysis should be conducted to determine 

the embedment depth. This article discusses the different design loads acting on the wall and the 

stability analysis that can be carried out to design the cantilever earth retaining structure.  

 

2.2.1 Design loads acting on the cantilever retaining wall: 

Under static loading: 

A Mohr diagram, as shown in Figure 2.2 (b), is used to represent the states of stress at a specific 

underground point. The initial vertical and horizontal stresses are denoted as 𝜎𝑣  and 𝜎ℎ , 

respectively, as shown in Figure 2.2 (a). The active failure state occurs when the horizontal 

effective stress decreases until it becomes tangent to the failure envelope. This state is represented 

by 𝜎𝑎. The passive failure state occurs when the horizontal effective stress increases until failure 

occurs, represented by 𝜎𝑝. 

The earth pressures exerted against a wall are directly related to the movements of the wall. The 

relationship between wall movements and earth pressures is depicted in Figure 2.3. Initially, when 

a wall is placed into a sand deposit without causing any disturbance, it experiences the in-situ 

stresses of the soil. The soil pressure against a unit area of the wall at a depth Z below the 

groundline can be calculated using Equation 2.1. The lateral earth pressure, Po, corresponds to zero 

deflection of the wall and is represented by a point on the vertical axis in Figure 2.3. As the wall 

is deflected in the backward direction, the pressure on the left face of the wall increases until it 

reaches the limiting value, which can be represented by Equation 2.2. Conversely, the pressure on 

the wall decreases while moving forward until it reaches the limiting value, which can be 

represented by Equation 2.3. 
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Figure 2.1: Flow performance verification of steel tubular earth retaining structure (IPA handbook, 

2016). 
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(a)            (b) 

Figure 2.2: States of the stress of active and passive conditions (a) Stress and pressure of soil 

element on wall (b) Mohr diagram (PYwall Technical Manual, 2022). 

 

 

Figure 2.3: Qualitative lateral pressure variation with wall movement (PYwall Technical Manual, 

2022). 

 

σo = K0γZ … … … Equation 2.1 

σp = KpγZ … … … Equation 2.2 

σa = KaγZ … … … Equation 2.3 
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Where,  

σo: ‘at rest’ lateral pressure 

σp: passive lateral pressure 

σa: active lateral pressure 

K0: coefficient of ‘at rest’ pressure 

Kp: coefficient of ‘passive’ pressure 

Ka: coefficient of ‘active’ pressure 

γ: unit weight of soil 

Z: distance below ground surface 

 

The total active and passive thrust force can be calculated following Coulomb’s theory by 

Equations 2.4 and 2.5. 

Pa = (1
2⁄ )KaγH2 − 2c√KaH … … … Equation 2.4 

Pp = (1
2⁄ )KpγH2 + 2c√KpH … … … Equation 2.5 

The coefficient of lateral earth pressure can be calculated by Coulomb’s theory (Equation 2.6-2.7) 

or by Jack’s Equation (Equation 2.8-2.9) 

Ka = tan2(45o −
ϕ

2
) … … … Equation 2.6 

Kp = tan2(45o +
ϕ

2
) … … … Equation 2.7 

Ka =
1−sinϕ

1+sinϕ
 … … … Equation 2.8 

Kp =
1+sinϕ

1−sinϕ
 … … … Equation 2.9 

 

Under Dynamic loading: 

In the case of dynamic loading, for sandy soil, the coefficient of active seismic earth pressure KEA 

can be calculated based on the pseudo-static approach given by the Mononobe-Okabe method, as 

shown in Equation 2.10. The coefficient of active seismic earth pressure KEA is calculated, 

assuming sin (𝜙 - θ) = 0 for (𝜙 –θ) < 0. 

KEA =
cos2(ϕ−θ)

cosθ cos(δ+θ)(1+√
sin(ϕ+δ) sin(ϕ−θ)

cos(δ+θ)
)

2 … … … Equation 2.10 
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The total dynamic active thrust force (PEA) can be calculated by using the equation 2.11 

𝑃𝐸𝐴 =
1

2
. 𝛾𝑑. 𝐻2. (1 − 𝑘𝑣). 𝐾𝐸𝐴 … … … Equation 2.11 

Where, 

KEA: coefficient of active earth pressure by Coulomb’s earth pressure  

θ : the synthesized angle at the time of the earthquake,  

θ = tan-1(kh) or θ= tan-1(k h′)  

k h : design horizontal seismic intensity  

k h′: apparent seismic intensity  

k h′=
γsat

γsat−γw
kh … … … Equation 2.12 

ϕ : angle of shear resistance of soil (∘)  

δ : friction angle between the wall surface and soil (∘) [Typically recommended 15o (IPA Handbook, 

2016) if not determined or assumed as 2/3 of ϕ Ichihara (1983)] 

 

Seed and Whitman (1970) proposed placing PEA at a height of 0.6H above the base of the wall. 

However, recent experiments show that PEA is applied slightly lower, and its location depends on 

the wall movement mode. Figure 2.4 displays measured values of the application point of the total 

PEA for different wall movement modes. The data suggests that PEA is typically applied between 

0.45H and 0.55H from the base of the wall depending on the wall movement, as indicated in Figure 

2.4. 

 

Soil and water pressure of submerged soil Matsuzawa et al., (1985): 

For highly permeable backfill soil, it is assumed that pore water can move freely within the soil 

without any hindrance from the soil particles. The calculations involve determining the vertical 

body force (Fv) and horizontal inertial body force (FH) acting on the soil during an earthquake. 

Equation 2.13 allows the calculation of the apparent seismic intensity, denoted as θ', for highly 

permeable backfill soil. 

𝑡𝑎𝑛𝜃′ =
𝐹𝐻

𝐹𝑉
=

𝐺𝑠𝑘ℎ

(𝐺𝑠−1)(1±𝑘𝑣)
 … … … Equation 2.13 

A different definition of the apparent seismic coefficient is used in the case of backfill soil with 

low permeability, which is denoted by Equation 2.14 

𝑡𝑎𝑛𝜃′′ =
𝐹𝐻

𝐹𝑉
=

𝛾𝑠𝑎𝑡𝑘ℎ

(𝛾𝑠𝑎𝑡−𝛾𝑤)(1±𝑘𝑣)
 … … … Equation 2.14 

Equation 2.11 should be modified based on Equations 2.13 and 2.114 in case of submerged soil. 
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Figure 2.4: Measured point of applications of total dynamic active thrust force (Matsuzawa et al., 

1985). 

 

Westergaard developed a solution for calculating hydrodynamic water pressure on vertical walls 

during horizontal earthquake ground motions. The solution considers parameters such as the 

horizontal seismic coefficient (kh), water depth (x), total water depth (Hw), ground vibration period 

(T), and water compressibility (Ew). Westergaard provided approximate formulas for estimating 

the distribution of dynamic water pressure (pwd) along the wall and the resultant dynamic water 

pressure (Pwd), as shown in Equations 2.15 and 2.16, respectively. 

𝑝𝑤𝑑 =
7

8
𝑘ℎ𝛾𝑤√𝐻𝑤𝑥 … … … Equation 2.15 

𝑃𝑤𝑑 =
7

12
𝑘ℎ𝛾𝑤𝐻𝑤

2  … … … Equation 2.16 

In the approximate solution, the location of the resultant water pressure is at 0.4H above the base 

of the reservoir.  

RT: Rotation about the top of the wall; RB: Rotation about the
base of the wall; T: Translation; RB-T: combined movement of RB
and T
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2.2.2 Calculation of embedment depth 

When constructing cantilever-type embedded retaining structures, it is crucial to ensure that the 

stress and deformation occurring in the wall structures remain within acceptable limits. Moreover, 

it is essential to maintain the overall stability of the surrounding ground. Additionally, if required, 

it is important to assess any potential impacts on neighbouring structures. 

The determination of the horizontal coefficient of subgrade reaction (kH) should be based on a 

thorough evaluation of ground investigations and soil tests. This value is essential in performing 

structural calculations, including simplified and elasto-plastic methods. It is important to note that 

the calculation of kH may vary depending on the specific standards or specifications applied. 

Therefore, it is crucial to calculate kH in accordance with the relevant standards or specifications 

that pertain to the specific structure under consideration. 

kH = kH0(
BH

Bref
)−3 4⁄  … … … Equation 2.17 

kH0 =
1

Bref
αE0 … … … Equation 2.18 

 

Where, 

kH : lateral coefficient of ground reaction force (kN/m3)  

BH : equivalent loading width (m)  

kH0 : lateral coefficient of ground reaction force corresponding to the value of plate loading test 

using a stiff circular disc with a diameter of Bref (kN/m3)  

Bref : reference loading width (= 0.3m)  

E0: deformation modulus of ground(kN/m2)  

α : coefficient used to estimate the coefficient of ground reaction force  

The recommended testing method to determine the deformation modulus (E0)  of the ground and 

the corresponding value of α are shown in Table 2.1 

When dealing with structures that have extensive spans, such as steel tubular earth retaining walls, 

the equivalent loading width BH was established as 10 m, as specified in the "Highway Earthworks, 

Temporary Structure Works Guideline). It is important to note that if the actual loading width is 

less than 10 m, that value is used instead. Furthermore, in the event of liquefaction caused by 

seismic activity, the calculation of the horizontal coefficient of subgrade reaction force should 

follow an appropriate standard or guideline, considering the reduction in the coefficient that must 

be taken into account. 
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It is necessary to establish an appropriate allowable displacement that ensures the fulfilment of the 

performance requirements for a steel tubular retaining wall. This is crucial for maintaining the 

stability of the steel tubular earth retaining wall and effectively managing the deformation of the 

ground located behind it. The allowable displacement based on the performance is given in Table 

2.2 

 

Table 2.1: Deformation modulus (E0) and (α) 

Deformation modulus (E0) by the following 

testing methods (kN/m2) 

Value of α 

Normal condition At earthquake 

1. Half of the deformation modulus obtained 

from the hysteresis curves of the plate loading 

test using a stiff disc with a diameter of 0.3 m 

1 2 

2. Deformation modulus measured in the 

borehole 

4 8 

3. Deformation modulus obtained from 

uniaxial or triaxial compression tests on 

specimens 

4 8 

4. Deformation modulus obtained as 2,800 x 

N (kN/m2 ) where N is the SPT N-value 

1 2 

 

 

Table 2.2: Allowable displacement based on performance 

Performance 1 Normal load Lateral displacement of steel tubular pile on 

the design ground surface < 15 mm, and lateral 

displacement at the steel tubular pile top < 

1.0 % of wall height. 

Level 1 earthquake Lateral displacement of steel tubular pile on 

the design ground surface < 15 mm, and lateral 

displacement at the steel tubular pile top < 

1.5 % of wall height. 

Performance 2 Level 2 earthquake Lateral displacement of the steel tubular earth 

retaining wall top < 300 mm. Performance 3 Level 3 earthquake 

 

Where the performances are categorized as: 

Performance 1: Soundness as the retaining wall, including surrounding facilities by the assumed 

loads, is not harmed, and its function is not hindered. 

Performance 2: Damage on the surrounding facilities due to assumed loads is limited, and the 

repair to restore function as the retaining wall can be carried out relatively easily. 

Performance 3: Damage due to assumed loads does not become as fatal as the retaining wall. 

 



 

16 
 

The calculation of the embedment depth can be determined by two methods. Method 1: which is 

based on Chang’s equation (Simplified method); Method 2: which is based on elasto-plastic 

method. 

 

Method 1: Simplified method 

In Chang’s method (1937), an embedded length larger than 3/β is considered semi-infinite, and it 

is thought that the effect of the non-fixed tip of a steel tubular pile appears when the embedded 

length is shorter than 3/β. 

 

Lo ≥ 3 β⁄  … … … Equation 2.19 

 

Where,  

Lo : embedded length (m)  

β : characteristic value of pile (m-1 )  

β = √
kH.B

4EI

4
 … … … Equation 2.20 

kH : lateral coefficient of ground reaction force (kN/m3). Usually, the average value of those in 

each layer within a range of 1/β , given by Equation 2.20  

B : width of steel tubular earth retaining wall. Unit width of 1m  

E : Young’s modulus of steel tubular earth retaining wall (kN/m2)  

I : second moment of area of steel tubular earth retaining wall per unit width (m4) 

 

As shown in Figure 2.5, in the simplified method, the soil below the excavation level is replaced 

by spring (based on the so-called ‘Winkler’ foundation) with a spring constant of kH determined 

by Equation 2.17.  

The elastic horizontal reaction force, p, at different depths can be determined by Equation 2.21. 

 

p = kH. xmyn … … … Equation 2.21 

 

Where,  

p: elastic horizontal reaction force (kN/m) 
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kH : lateral coefficient of ground reaction force (kN/m3). 

x: depth below the excavation level (m) 

y: Lateral deflection of the retaining wall (m) 

 

The constant ‘m’ and ‘n’ represent the subgrade condition. For example, m>0 indicates the depth 

effect, and 1>n>0 provides the stress train characteristics of the soil. As shown in Table 2.3, 

different researchers used different ‘m’ and ‘n’ constants to investigate the subgrade reaction.  

 

Table 2.3: Constant ‘m’ and ‘n’ used by different researchers 

Researchers m n 

Chan (1937) 0 1 

Row (1956) 1 1 

Terzaghi (1955) 1 1 

Reese-Matlock (1960) 1 1 

Rifaat (1935) 1 n≠ 0 

Kubo (1964) 1 0.5 

 

 

Figure 2.5: Simplified method (Elastic ground reaction force model). 

 

The simplified method involves the calculation of displacement and bending moment distributions 

for the steel tubular earth retaining wall using techniques like frame analysis. It takes into account 

the corrosion margin to ensure the accuracy of the results. Furthermore, for the steel tubular pile, 

the lateral displacement and induced bending moment are computed based on the assumption that 

H

ho

P

Elastic ground 
reaction force

Excavation level

Ground surface

Active earth pressure
(retain side)
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it is a semi-infinitely long pile. This assumption is valid since the simplified method guarantees an 

embedded length greater than 3/β. Based on Figure 2.5, the total wall top displacement can be 

calculated as  

 

δ = δ1 + δ2 + δ3 … … … Equation 2.22 

 

δ1 : displacement on the design ground surface (m)  

δ1 =
(1+β.ho)

2.EI.β3 P … … … Equation 2.23 

δ2：displacement due to deflection angle on the design ground surface (m)  

δ2 =
(1+2β.ho)

2.EI.β2 PH … … … Equation 2.24 

δ3 : displacement of the cantilever above the design ground surface (m)  

δ3 =
H3

6EI
(3 − α)α2P … … … Equation 2.25 

 

Where, 

β : characteristic value of pile (m-1)  

ho : height from the design ground surface to the location where the resultant force is acting (m)  

P : resultant force of lateral pressure per unit width (kN)  

E : Young’s modulus of steel tubular earth retaining wall (kN/m2)  

I : second moment of area of steel tubular earth retaining wall (m4)  

H : height of steel tubular earth retaining wall (m)  

α : ratio of acting height to the wall height (ho/H) 

 

Method 2: Elasto-plastic method and the dynamic analysis method 

When calculating a steel tubular earth retaining wall, the elasto-plastic method or dynamic analysis 

method is utilized if the simplified method is deemed unsuitable. In the elasto-plastic method, the 

horizontal ground reaction force model is represented as a bi-linear model, as shown in Figure 2.6, 

where the upper limit is determined by the passive earth pressure. This method involves the 

progression of plasticity in the ground on the passive side, extending from the designed ground 

surface towards the pile tip. To ensure an adequate embedded length, it is necessary to have an 
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elastic zone present at the tip of the embedded portion of the steel tubular earth retaining wall. On 

the other hand, in the dynamic analysis method, the steel tubular earth retaining wall structures are 

modelled alongside the surrounding ground to comprehend the behaviour of the ground 

surrounding the steel tubular. This is accomplished through a non-linear dynamic analysis that 

accurately captures the non-linear characteristics of the ground. Different analytical tools like 

‘Lpile’ or ‘PYwall’ can be used to conduct the elasto-plastic analysis. Also, FEM analysis can be 

used to conduct the dynamic analysis. 

 

Figure 2.6: Elasto-plastic ground reaction force model 

 

2.2.3 Stability analysis (Madabhushi and Chandrasekaran, 2005) 

Broms (1995) identified two possible failure mechanisms for cantilever sheet pile walls: (1) 

flexural bending leading to the formation of a plastic hinge and (2) the body rotation of the sheet 

pile wall. In the case of a comparatively stiff sheer pile, the wall suffers rigid body rotation about 

a pivot point. From a stability perspective, the design parameter of interest is the depth of 

penetration (D) of the sheet pile wall needed to retain a specific height (H) of the backfill material. 

This paper focuses on the rotational failure mechanism of cantilever retaining walls with different 

types of backfill material. The goal is to determine the location of the pivot point for the wall to 

rotate by minimizing the ratio of moments, as shown in Equations 2.26 and 2.27, generated by 

active (disturbing moment Ma) and passive (resisting moment Mr) forces for cohesionless and 

cohesive soil respectively. Also, the force equilibrium can be obtained in this method. The pressure 

diagram used for cohesionless and cohesive soil is shown in Figures 2.8 and 2.9, respectively. By 

considering the moment ratio and assuming a full generation of active earth pressures, the required 

shear strength for the wall to remain in equilibrium can be calculated. This approach offers 

advantages in establishing wall stability compared to Bolton and Powrie's (1987) method. The 

effectiveness of the procedure is demonstrated using centrifuge test data and small-scale model 

p (kN/m)

y (m)

pu (kN/m)

pu: ultimate lateral resistance( kN/m)

KH :Horizontal subgrade 
modulus (kN/m3)
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tests conducted by various researchers (Bolton and Powrie, 1987; Bransby and Milligan, 1975), 

including the writers of this paper. 

 

             (a)                                                                      (b) 

Figure 2.7: Failure mechanism of cantilever retaining wall (a) flexural bending failure with the 

formation of the plastic hinge (b) body rotation about a pivotal point. 

 

𝑀𝑎

𝑀𝑟
=

𝐾𝑝[
(𝐻+𝑧)(𝐷−𝑧)2

2
+

(𝐷−𝑧)

3

3
+

𝑧3

6
]

𝐾𝑎[
(𝐻+𝑧)3

6
+

𝑧(𝐷−𝑧)

2

2
+

(𝐷−𝑧)3

3
]
 … … … Equation 2.26 

𝑀𝑟

𝑀𝑎
=

1

2
(𝛾(𝐻+𝑍)+2𝑐𝑢)(𝐷−𝑧)2+

1

3
𝛾(𝐷−𝑧)3+𝑐𝑢𝑧2+

1

6
𝛾𝑧3

1

6
(𝛾(𝐻+𝑍)−2𝑐𝑢)(𝐻+𝑧−

2𝑐𝑢
𝛾

)
2

+
1

2
(𝛾𝑧−2𝑐𝑢)(𝐷−𝑧)2+

1

3
𝛾(𝐷−𝑧)3

 … … … Equation 2.27 

Using the moment minimization technique, the smallest ratio of (Mr/Ma) will provide the minimum 

embedment depth that will be required to maintain stability against rotational failure.  

Pivot point
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Figure 2.8: Pressure distribution for cohesionless soil. 

 

Figure 2.9: Pressure distribution for cohesive soil. 

 

Shear strength demand: 



 

22 
 

A cantilever sheet pile wall is typically constructed by driving the sheet pile to a certain depth (D) 

and then adding backfill or by excavation in front of the wall. The wall is expected to experience 

deformation and move outward. In normally consolidated soils, this leads to the activation of full 

active earth pressure but not necessarily full passive earth pressure. Experimental studies by 

Terzaghi (1934 a,b) and based on Clayton and Milititsky (1986) have shown that smaller strains 

are required to mobilize the active earth pressure compared to the passive earth pressure, as shown 

in Figure 2.10. For small angles of dilatancy, the average shear strain can be represented as (δ/H), 

as shown in Figure 2.10. Bolton suggests using the active earth pressure when there is no 

significant support at the base of the sheet pile wall or when existing support may be lost. In this 

paper, it is assumed that the active earth pressures are fully mobilized while the passive earth 

pressure is mobilized only to maintain the wall in equilibrium. The shape of the earth pressure 

distribution remains unchanged, with only the magnitudes adjusting based on the extent of 

mobilized passive earth pressure. This concept is defined as shear strength demand. Equations 2.28 

and 2.29 define the shear strength demand of cohesionless and cohesive soil, respectively. Based 

on the concept, the disturbing moment Ma will remain the same, but the resisting moment will 

change based on the shear strength demand. 

𝐾𝑝−𝑑𝑒𝑚𝑎𝑛𝑑 =
𝑀𝑎

𝛾(
(𝐻+𝑧)(𝐷−𝑧)2

2
+

(𝐷−𝑧)3

3
+

𝑧3

6
)
 … … … Equation 2.28 

𝑐𝑢−𝑑𝑒𝑚𝑎𝑛𝑑 =
𝑀𝑎−

1

6
𝛾𝑧3−

1

3
𝛾(𝐷−𝑧)3−

1

2
𝛾(𝐻+𝑧)(𝐷−𝑧)2

𝐷2+2𝑧2−2𝐷𝑧
 … … … Equation 2.29 

 

 

Figure 2.10: Strains required for mobilization of active and passive earth pressures [after Clayton 

and Milititsky (1986)]. 
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2.3 Catastrophic failure of Embedded retaining structure 

2.3.1 Edinburgh Tower Basement Construction Hong Kong (1981) 

The failure incident was attributed to insufficient lateral support or bracing during the 

construction's final stages. While constructing a two-level basement for the Edinburgh Tower in 

Hong Kong, it was discovered that the underlying rock layer was situated at a higher elevation 

than initially anticipated. Consequently, the sheet pile's toe was driven into the rock strata, and 

excavation work adjacent to Queens Road was carried out with two levels of propping at the top 

and bottom. However, when constructing the base slab, the construction team made the decision 

to remove the lower level of propping and rely solely on the resistance provided by the rock socket 

at the sheet pile's toe. Regrettably, inadequate lateral resistance led to lateral sliding within the 

socketed section, resulting in the sheet pile rotating around the top-level propping. This ultimately 

caused the collapse of half of the Queens Road span at the construction site, as depicted in Figure 

2.11. 

 

Figure 2.11: Sheet pile failure and Queen’s Road collapse during Edinburgh Tower basement 

construction 

2.3.2 Failure of 20 ft Highway retaining wall (R.E. Olson, 1993) 

In late July, after a period of heavy rain, a sudden horizontal displacement occurred in a section of 

the lower rear wall measuring about 135 feet (41 m). The initial site observation took place 

approximately seven hours after the onset of the failure, revealing a horizontal displacement of 

approximately 15 feet (5 m) in the lower wall (see Figure 2.12). As a consequence of this 

displacement, a significant vertical scarp formed in the fill, resulting from the upper wall 

descending into the void created by the lower wall's displacement. The lower wall continued to 

slowly displace horizontally over time. Eventually, several months later, when the damaged section 

of the wall approached the property line, it was removed.  

Source: L.J.Endicott (ICGE 2015)

Source: GEO REPORT No. 124

Ove Arup & Partners Hong Kong Ltd
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Figure 2.12: Failed section of retaining wall. 

During the discovery phase preceding the trial, the calculations made by the designer were 

carefully examined. It was determined that the primary cause of the problem stemmed from the 

designer relying on a standard engineering handbook without fully comprehending its limitations. 

More specifically, the following technical issues were identified: 

1. The designer followed a common yet illogical practice of limiting the apparent tip stress 

instead of accurately estimating the bearing capacity of the base slab. While bearing 

capacity equations for cases involving inclined and eccentric loads or footings on a slope 

introduce some level of uncertainty, they still offer a rational approach to analysis. 

2. The designer appeared to lack an understanding of the disparities in strength between soil 

under drained and undrained conditions. 

3. Without providing any explanation, the designer disregarded the impact of the upper wall 

on the loads exerted on the lower wall. 

This case study serves as a reminder of valuable lessons often taught in college but frequently 

forgotten in practical engineering applications. These lessons include: 

• Engineers should stay within the bounds of their training and experience, avoiding 

venturing into unfamiliar territories. 

• Engineers must resist client pressure for immediate design turnaround driven by economic 

considerations. Rushing through a design without due diligence can result in severe 

consequences for the engineer. 

• Design recommendations found in standard civil engineering handbooks often 

oversimplify geotechnical problems and fail to provide the necessary technical guidance 

required for successful designs. 

• Designers should consider both short-term (undrained) and long-term (drained) conditions 

unless a comprehensive understanding of the problem clearly indicates that one condition 

is more critical than the other. 

• Implementing effective measures to control water pressures on walls is crucial for 

successful design outcomes. 
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2.3.3 Failure of cantilever retaining walls due to reduction of lateral support and earthquake 

(Day, 1997) 

In this case study, a retaining wall failure occurred in San Diego, California. Originally constructed 

as a basement wall for a building, the wall became a cantilevered structure after the building was 

demolished in 1984. With no lateral support except from the footing, the wall experienced 

movement, resulting in damage to the adjacent property and cracks in the concrete flatwork behind 

the wall, as shown in Figure 2.13. The movement was intermittent, as shown in Figure 2.14, with 

the wall moving forward, cracks opening up, and then lateral movement pausing as the soil 

readjusted. Settlement and voids also developed beneath the flatwork due to the wall's lateral 

movement. 

 

Figure 2.13: Cantilever retaining wall in case study 1. 

 

Figure 2.14: Wall deformation variation with time. 
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Figure 2.15: Cross section of the site for case study 2. 

In the first case study, it is noted that most retaining wall failures occur gradually, with the wall 

tilting or moving laterally intermittently. However, sudden failures can happen when there is a 

slope-type failure or inadequate foundation-bearing capacity, especially if the wall is supported by 

clay. Earthquakes can also cause sudden wall failures, but accurately predicting the additional 

lateral forces generated during earthquakes is challenging. Many retaining walls are designed only 

for active earth pressure and fail when subjected to earthquake forces. Methods for incorporating 

earthquake forces in retaining wall design are outlined in NAVFAC DM 7.2 (1982). 

The second case study involves retaining wall damage caused by the Northridge earthquake in 

California. A retaining wall was constructed near the top of a slope, with a house built in front of 

a portion of the wall providing lateral support, as shown in Figure 2.15. However, the portion of 

the retaining wall without house support experienced cracking, tilting, and settlement during the 

earthquake. The backfill behind the wall densified and increased lateral pressure, leading to 

damage in the unsupported section. 

Finally, this paper describes the design and construction of cantilevered retaining walls. These 

walls experience three different pressures: active earth pressure, passive pressure, and footing 

bearing pressure. The key considerations for designing these walls are ensuring an adequate factor 

of safety against sliding and overturning and keeping the footing bearing pressure below the 

allowable limit. Retaining wall failures are often gradual, with intermittent tilting or lateral 

movement. Common causes include reduced wall support and additional loads from events like 

earthquakes. One common reason for failure is the use of on-site soil instead of granular import 

backfill, which may lack the required shear strength and permeability. Additionally, excessive 

pressures during backfill compaction can damage the walls, emphasizing the need for proper 

compaction techniques using appropriate equipment. 
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2.4 Centrifuge modelling of cantilever retaining wall embedded in various ground: 

2.4.1 Dynamic loading: 

Al Atik and N. Sitar (2010) 

Designers of retaining structures in seismic regions have found that traditional methods, such as 

the Mononobe-Okabe (MO) method modified by Seed and Whitman, result in excessively large 

seismic forces, making the structures economically impractical. An experimental and analytical 

program was conducted to assess the lateral earth pressures on cantilever retaining structures with 

dry medium dense sand backfill under seismic conditions. The study involved dynamic centrifuge 

experiments (as shown in Figure 2.16) under 36g centrifugal acceleration and two-dimensional 

nonlinear finite-element analyses. Based on the findings from the centrifuge experiment and FEM 

analysis, recommendations for changes in the design approach for seismic loads in cantilever 

retaining structures are proposed. 

Two sets of dynamic centrifuge experiments were performed on cantilever walls connected to stiff 

floor slab open channel structures, representing prototype structures for the Bay Area Rapid Transit 

System (BART) and Valley Transportation Authority (VTA). The experiments were conducted at 

the Center for Geotechnical Modeling at the University of California, Davis, using the dynamic 

centrifuge. Technical specifications for the centrifuge and shaking table are reported by Kutter et 

al. (1994). 

Multiple shaking events were conducted on the LAA01 and LAA02 models to assess their 

response under various ground motion conditions. The shaking was applied parallel to the long 

sides of the model container and perpendicular to the model structures. Ground motion recordings 

from different earthquakes, including Loma Prieta 1989, Kobe 1995, and Kocaeli 1999, were used 

to generate the input motions. The peak ground acceleration of the input motions ranged from 0.1 

to 0.87 g, while the predominant period varied from 0.2 to 0.62 seconds.   

 

Figure 2.16: Centrifuge model configuration. 
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The results indicated that maximum dynamic earth pressures increase with depth and can be 

approximated by a triangular distribution. It was also observed that dynamic earth pressures and 

inertia forces do not act simultaneously on the retaining walls. Consequently, the current practice 

of designing for maximum dynamic earth pressure increment and maximum wall inertia is overly 

conservative and does not reflect the true seismic response of the wall-backfill system. 

 

Figure 2.17: Back-calculated dynamic earth pressure coefficients at the time of maximum dynamic 

wall moments on the stiff and flexible walls as a function of peak ground acceleration measured 

at the top of the soil in the free field. 

 

Also, as shown in Figure 2.17, based on the relationship between the seismic earth pressure 

increment coefficient at the time of maximum wall moment and peak ground acceleration, it was 

suggested that seismic earth pressures can be disregarded at accelerations below 0.4 g. This finding 

aligns with the observed satisfactory seismic performance of conventionally designed cantilever 

retaining structures. 

 

Conti et al. (2012) 

An experimental investigation of embedded retaining walls subjected to seismic forces was carried 

out using nine centrifuge tests considering reduced-scale models of retaining walls in dry sand. 

The geometry of the model is shown in Figure 2.18. The experimental program was conducted 

using the 10 m diameter Turner beam centrifuge at the University of Cambridge. The program 

consisted of nine tests on models of paired retaining walls in dry sand with varying relative 

densities. Six of the models were cantilevered walls, while three were propped against each other. 

The tests were performed at centrifugal accelerations of 80g and 40g, respectively. The models 

were prepared within two equivalent-shear-beam containers.  
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                                         (a)                                                                 (b) 

Figure 2.18: Geometry of the centrifuge model (a) cantilever retaining wall (b) propped retaining 

wall. 

Dynamic input for the tests was provided by a stored angular momentum (SAM) actuator. The 

model experienced a series of sinusoidal wave trains with varying frequencies and amplitudes. The 

duration of the wave trains differed for cantilevered and propped walls. The applied signals were 

not perfectly harmonic, exhibiting variations in amplitude and containing energy at secondary 

frequencies.  

The results show that when the maximum acceleration is below a critical limit equilibrium value, 

the walls experience significant permanent displacements under increasing structural loads. 

However, for larger accelerations, the walls rotate under constant internal forces. The critical 

acceleration at which rotation occurs increases with higher maximum acceleration. Negligible 

displacements are observed if the current earthquake is less severe than previous events 

experienced by the wall. The increase in critical acceleration is attributed to earth pressure 

redistribution and progressive mobilization of passive strength in front of the wall. For cantilevered 

retaining walls, the permanent displacements can be reasonably predicted using a Newmark-type 

calculation with a critical acceleration that is a fraction of the limit equilibrium value. 

 

Jo et al. (2014) 

To reevaluate conventional pseudo-static method and understand the seismic lateral earth pressure 

on a flexible retaining wall with a dry sand backfill, two dynamic centrifuge tests were conducted 

at KOCED Geo-Centrifuge Test Center at KAIST using inverted T-shape flexible retaining wall 

models. The centrifugal acceleration used in the experiments was 50g. The KAIST centrifuge has 

a maximum capacity of 2,400 kg and can achieve up to 100 g of centrifugal acceleration. The 

earthquake loading was simulated using an in-flight earthquake simulator equipped with an 

electro-hydraulic system, capable of generating random earthquake excitations with a modal 
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frequency range of 30 to 300 Hz and durations of up to 1 s. Detailed technical specifications for 

the centrifuge and earthquake simulator can be found in the literature (Kim et al., 2013a,b). 

Figure 2.19 depicts the models that were constructed in an Equivalent Shear Beam model container, 

which consisted of stacked aluminium alloy frames with internal dimensions of 490 mm × 490 

mm × 630 mm and external dimensions of 650 mm × 650 mm × 650 mm. Rubber layers and ball 

bearings were placed between each frame to match the dynamic stiffness of the container walls to 

the soil column. 

 

                                      (a)                                                                 (b) 

Figure 2.19:Centrifuge model configuration (a) Model A (height:5.4m) (b) Model B 

(height:10.8m). 

 

Two types of earthquake motions were utilized as input for the experiments: the Ofunato 

earthquake recorded at Miyagi-Ken Oki, Japan (Date: 1978/06/12, Magnitude = 7.4) and the 

Hachinohe earthquake recorded at Tokachi Oki, Japan (Date: 1968/05/16, Magnitude = 7.9). The 

Ofunato record represents a short-period-dominated earthquake, which is relevant for Korea. On 

the other hand, the Hachinohe record represented a long-period-dominant earthquake and was used 

for comparison with the behaviour observed during the Ofunato record. The peak acceleration was 

determined as the maximum value observed throughout the acceleration response. The peak 

accelerations of the bedrock motions ranged from 0.04 to 0.35 g. 

The results indicate that the seismic behaviour of the flexible retaining wall is significantly 

influenced by inertial forces. Additionally, it was observed that the dynamic earth pressure at the 

moment of maximum earthquake-induced moment was not synchronized and had minimal impact. 

Also, the study found that seismic earth pressure on flexible cantilever retaining walls can be 

disregarded when the peak ground acceleration is below 0.4 g, consistent with previous research. 
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Therefore, further experimental and numerical analysis is required to establish a comprehensive 

relationship for flexible retaining walls.  

 

2.4.2 Static loading: 

Vijay and Takemura (2021) 

Vijay and Takemura (2021) developed a centrifuge modelling system to simulate the loading 

process and failure conditions of an embedded wall in soft rock at a constant centrifugal 

acceleration. To develop an effective design method for optimizing embedment depth in cantilever-

type retaining walls, it is crucial to examine both the serviceability and ultimate limit states. This 

involves ensuring acceptable displacements through a reasonable evaluation method under design 

conditions and confirming an extra safety margin to prevent catastrophic failure. The study 

investigated the stability of cantilever-type retaining walls with large stiffness, equivalent to 2.5 m 

diameter steel tubular pile walls with a retained height of 12m, embedded in soft rock. 

Two centrifuge model tests were conducted to examine the effect of reduced embedment depth 

over the design embedment depth, as mentioned in article 2.2.2, on the stability of large-stiffness 

cantilever walls. The experiments were conducted using a TIT Mark III geotechnical centrifuge 

with a centrifugal acceleration of 50g. The centrifuge model set-up is shown in Figure 2.20. The 

model container had internal dimensions of 700 mm in length, 150 mm in width, and 500 mm in 

depth. It consisted of a removable rear-side steel wall and a front-side transparent acrylic wall, 

which were bolted together with the main container body to create a rigid box and ensure plane 

strain conditions. The front of the retaining wall was filled with plain water. This plain water is 

drained out to stimulate the excavation process and supplied at the back side of the wall to stimulate 

the loading sequence. The Full loading sequence is shown in Figure 2.21. 

Although the simple modelling technique employed in this study offers the advantage of capturing 

the behaviour of walls embedded in harder mediums across different limit states, it is important to 

acknowledge that uncertainties in the initial conditions of the model can arise due to differences 

between the at-rest pressure in the sand behind the wall and the water pressure acting on the wall 

front. To minimize backward wall movements, plain water was used instead of a heavy fluid, and 

the initial stiffness of the soft rock provided substantial lateral confinement, ensuring wall 

equilibrium with minimal deformation of the embedded rock in the elastic range at a centrifugal 

acceleration of 50g. Failure mechanisms observed included compression failure at the shallow wall 

front and shear wedge failure at the wall back. 

As shown in Figure 2.22, it was found that a relatively shallow embedment depth could secure the 

stability of the walls, even for a significant retaining wall height of 12 m under design conditions. 

Incrementally increasing the embedment depth by a small amount, such as 0.5 m or 20% from the 

initial depth of 2.5 m, proved effective in reducing deformation under ordinary design loads and 

significantly increasing the ultimate failure load. This adjustment also enhanced the redundancy 

of the walls, leading to a shift in failure behaviour from brittle to ductile. Also, the deflection 
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behaviour of the walls involved a combination of translation, rotation, and bending, with rigid-

body rotation becoming dominant as the load from the retained soil increased.  

 

Figure 2.20: Centrifuge model setup 

 

 

Figure 2.21: Loading sequence followed in centrifuge tests. 
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Figure 2.22: influence of embedment depth: (a) normalized WT displacement and WT rotation 

plotted against the moment load; (b) photographs of wall and ground deformation taken in flight 

after excavation and loading processes. 

 

2.5 Application of Steel Tubular Pile (STP) in Japan 

The application of cantilever-type retaining structures, particularly those constructed using the 

press-in method, has been increasing in Japan and other countries. This method uses advanced 

penetration techniques like gyro-press or rotary drilling, as shown in Figure 2.23, which is 

beneficial in sites with limited space, time, and technology constraints. The press-in technique, 

particularly with vibration-free installation using silent pilers, relies on the extraction resistance 

provided by previously installed piles to penetrate the current pile. The hydraulic pressure helps 

install the pile, while the extraction resistance serves as a counterbalance for the piler. The 

efficiency of the piler depends on the hardness of the embedment medium, with harder mediums 

requiring driving assistance techniques like rotary cutting or gyro-press to reduce resistance and 

deformation. 

As shown in Figure 2.24, Steel tubular pile walls have diverse applications, including coffer dams, 

cantilevered retaining walls, and basement walls. However, limited research exists on the 

behaviour of these walls in hard mediums like soft to hard rocks. Although demand for steel tubular 

piles is increasing due to their stiffness, applicability in hard mediums, and constructability in 

limited space and time, there is a need for a specific design method considering the mechanical 

behaviour of the walls. This method should address stability against ground failure, structural 

yielding, and displacement limitations. Physical model studies, simulating prototype behaviour 

from serviceability limits to ultimate loading conditions, can provide insights into deformation and 

failure mechanisms. However, conducting extensive centrifuge model studies for all influential 

factors is costly and time-consuming. Therefore, a combination of critical experimental 
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investigations, numerical modelling, and parametric studies can lead to the development of a 

generalized design method. 

 

Figure 2.23: Press-in or extraction mechanism and associated forces  (Source: IPA handbook) 

 

 

Figure 2.24: Some applications of steel tubular pile walls constructed by press-in method (Source: 

IPA handbook) 

River revetment and highway protection wall (Singapore) 

Conservation of surrounding environment with no noise or 

vibration 

Cofferdam for revetment with 1200 mm diameter tubular 

piles installed in soft and hard marine clay  (Singapore)

(a)

Construction of cantilever type embedded retaining wall in 

a narrow space adjacent to the highway with operation 

(Yokohama ,Japan)

Pressing of steel tubular piles with 900 mm diameter in to 

mudstone (N-value of 166) to widen the existing highway 

(Yokohama ,Japan)

(b)

Construction of dual purpose underground wall and a retaining structure for a new shopping mall in 

Cardiff, UK using steel tubular piles with diameter of 914 mm

(c)
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2.6 Lateral response of pile/Wall 

To understand the mechanical behaviour of the CSTP wall embedded in rock, it is important to 

know the lateral response of the pile socketed into rock. Piled foundations in rock, specifically 

rock-socketed piles, are commonly used to provide significant axial capacity. These piles can be 

cast in situ or driven into soft rock, and when the rock surface is near the ground level, they benefit 

from both axial and lateral resistance along the shaft in addition to end bearing and base shear 

resistance. It is crucial to accurately quantify the limits of shaft and base resistance in different 

types of soft rock and understand how construction methods can affect these values. Different 

models have been proposed to analyze the lateral response of piles in rock, primarily using load 

transfer curves (P-y curves), which can be categorized into two groups: ductile (non-softening) 

models and brittle (softening) models. 

 

2.6.1 Elastic response 

In the case of rock-socketed piles, it is often observed that they respond elastically to operational 

lateral loads. The deflection (y0) and rotation (θ0) of the pile head under combined lateral force (H) 

and moment (M) can be approximated using simple closed-form expressions, as shown in Figure 

2.25. To assess the flexibility of a rock-socketed pile relative to its embedment length (L) and the 

stiffness ratio (Epile/Em) (where Epile is the equivalent solid pile modulus((EI)pile/(D4 /64)) and Em 

is Young's modulus of the rock mass), the Equation 2.30 and 2.31 can be used to characterize the 

behaviour of the pile. 

𝐿/𝐷 ≥ 1.2(
𝐸𝑝𝑖𝑙𝑒

𝐸𝑚
)0.3  ... … … Equation 2.30 

𝐿/𝐷 ≤ 0.07(
𝐸𝑝𝑖𝑙𝑒

𝐸𝑚
)0.3 ... … … Equation 2.31 

 

Figure 2.25: Lateral loading of rock socketed pile. 

M

H

L

D

xr
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In order to use these equations, accurate estimation of the rock mass modulus (Em) is crucial and 

can be done using various methods. Hoek et al. (2002) provide recommendations to calculate Em 

based on parameters such as σci (uniaxial compressive strength), damage factor (D), and 

Geological Strength Index (GSI). Alternatively, Liang et al. (2009) propose a correlation for Em, 

which requires estimating the intact rock modulus (Ei). ‘Ei’ can be determined from initial stiffness 

values obtained from unconfined compression strength (UCS) tests or through correlations with qu 

(uniaxial compressive strength). 

The flexibility coefficients for pile head deflection have been proposed by Randolph (1981) and 

Carter and Kulhawy (1992) for the extremes of flexible and rigid piles, respectively. These 

coefficients are expressed in terms of an equivalent shear modulus. By substituting the rock mass 

modulus (Em) in place of the shear modulus, the relationships can be applied as shown in Equation 

2.32-2.37, where Equation 2.32-2.34 represents flexible pile and Equation 2.35-2.37 represents 

rigid pile. 

For Flexible pile: 

𝑓𝑦𝐻 =
𝑦𝑜𝐷𝐸𝑚

𝐻
~(

𝐸𝑝𝑖𝑙𝑒

𝐸𝑚
)−0.14 ... … … Equation 2.32 

 

𝑓𝜃𝐻 =
𝜃𝑜𝐷2𝐸𝑚

𝐻
=

𝑦𝑜𝐷2𝐸𝑚

𝑀
~1.7(

𝐸𝑝𝑖𝑙𝑒

𝐸𝑚
)−0.43 ... … … Equation 2.33 

𝑓𝜃𝑀 =
𝜃𝑜𝐷3𝐸𝑚

𝑀
~8(

𝐸𝑝𝑖𝑙𝑒

𝐸𝑚
)−0.71 ... … … Equation 2.34 

For rigid pile: 

𝑓𝑦𝐻 =
𝑦𝑜𝐷𝐸𝑚

𝐻
~0.7(

𝐿

𝐷
)−0.33 ... … … Equation 2.35 

𝑓𝜃𝐻 = 𝑓𝑦𝑀=
𝜃𝑜𝐷2𝐸𝑚

𝐻
=

𝑦𝑜𝐷2𝐸𝑚

𝑀
~0.36(

𝐿

𝐷
)−0.88 ... … … Equation 2.36 

𝑓𝜃𝑀 =
𝜃𝑜𝐷3𝐸𝑚

𝑀
~0.55(

𝐿

𝐷
)−1.67 ... … … Equation 2.37 

In the design of rock-socketed piles, it is common to encounter combinations of stiffness ratio 

(Epile/Em) and slenderness ratio (L/D) that fall within the intermediate zone between fully flexible 

and rigid pile responses. In such cases, the pile head response can be interpolated to determine its 

behaviour, as illustrated in Figure 2.26. 

Alternatively, according to the suggestion made by Carter and Kulhawy (1992), a slightly 

conservative approach can be adopted. In this approach, the given flexibility coefficient is 

estimated as 1.25 times the larger value obtained by considering two scenarios: 

1. Estimating the flexibility coefficient assuming a flexible pile with the given Epile/Em. 

2. Estimating the flexibility coefficient assuming a rigid pile with the given L/D. 

By taking the larger value from these two estimates and applying the 1.25 multiplication factor, a 

slightly conservative assessment of the pile head response can be achieved. 
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Figure 2.26: Elastic flexibility of free-headed piles in rock (Randolph, 2020) 

 

2.6.2 Load transfer curve of rock: 

In the design of rock-socketed piles, the load transfer curves, represented as P-y curves (where P 

is the lateral force per unit depth and y is the lateral displacement), can vary in terms of whether 

potential brittle failure of the rock near the rock surface is considered. Figure 18 provides a visual 

representation of this. 

The overall P-y response is typically described by mathematical functions such as power law, and 

hyperbolic or hyperbolic tangent functions. These functions approach an ultimate force per unit 

length (Pu) or a nominal pressure (pu = Pu/D) asymptotically. The value of pu is then correlated 

either directly to the unconfined compressive strength (UCS), as proposed by Reese (1997) and 

Erbrich (2004), or to the strength envelope based on the Hoek-Brown criterion (as shown in Figure 

2.27), as suggested by Liang et al. (2009). 

One of the critical conditions in the determination of the p-y curves is the effect of depth. The 

ultimate resistance of the pile depends on the failure envelope along the depths, as shown in Figure 

2.28. At the shallow depths (≤ 3𝐷), the effect of the depth can be confirmed in the ultimate lateral 

resistance of the pile, as shown in Equation 2.38. However, in deeper depth (≥ 3𝐷), in the case of 

the smooth pile, Reese et al. (1975) recommended an ultimate value of ll.0suD ~ 5.2qu. and 

Equation 2.39 can be used for the ultimate resistance. The adjustment parameter αr is used to 

account for strength loss in rock. Reese proposed that αr increases from 0.33 for a rock quality 

designation (RQD) of 100, indicating the possibility of maximum strength loss, to unity for an 

RQD of zero, where no further strength loss is expected. In the case of intermediate-quality rock 
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with RQD around 60-70, the limiting nominal pressure pu is approximately 3 times the unconfined 

compressive strength (qu), which corresponds to about 6 times the shear strength of the rock at low 

confining stresses. 

 

Figure 2.27: Plot of results from simulated full-scale triaxial tests on a rock mass defined by a 

uniaxial compressive strength σci = 85 MPa, a Hock-Brown constant mi= 10 and Geological 

Strength Index GSI = 45 (Hoek-Brown, 1997). 

 

𝑝𝑢𝑟 = 𝛼𝑟𝑞𝑢𝑟𝑏 (1 + 1.4
𝑥𝑟

𝐷
) 𝑓𝑜𝑟 0 ≤ 𝑥𝑟 ≤ 3𝐷 ... … … Equation 2.38 

𝑝𝑢𝑟 = 5.2𝛼𝑟𝑞𝑢𝑟𝑏 𝑓𝑜𝑟 𝑥𝑟 ≥ 3𝐷 ... … … Equation 2.39 

In the Reese model of the p-y curve for rock, the estimation of initial modulus (Kir) (Kir ≅ kir*Eir, 

where Kir: initial modulus; Eir: initial modulus of rock; kir: dimensionless constant) is sometimes 

overestimated due to the unrealistic proposed value of kir which varies from 100-500 based on the 

depth Cho et al. (2005). Therefore, the ultimate resistance is achieved at very small displacements. 

Similarly, the Liang et al. (2009) hyperbolic curve exhibits a comparable behaviour, with the lateral 

σci: unconfined compressive strength of intact rock

σcm: unconfined compressive strength of intact rock

σti: tensile strength 

(a) (b)
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resistance reaching approximately 90% of Pu (ultimate force per unit length) at a displacement of 

approximately 0.02 times the pile diameter (0.02D). In the elastic part of the p-y curve, the 

relationship between p and y can be expressed as equation 2.40. In the nonlinear part of the p-y 

curve, the relationship can be expressed as Equation 2.41. The deflection of the elastic range can 

be expressed by Equation 2.42, which is almost zero. Therefore, the p-y curve is mostly composed 

of nonlinear and plastic parts.  

𝑝 = 𝐾𝑖𝑟𝑦 𝑓𝑜𝑟 𝑦 ≤ 𝑦𝐴 ... … … Equation 2.40 

𝑝 =
𝑃𝑢

2
(

𝑦

𝑦𝑟𝑚
)0.25 𝑓𝑜𝑟 𝑦𝐴 < 𝑦 ≤ 16𝑦𝑟𝑚, 𝑝 ≤ 𝑝𝑢𝑟 ... … … Equation 2.41 

𝑦𝑟𝑚 = 𝜀𝑟𝑚𝐷, 𝑤ℎ𝑒𝑟𝑒 𝜀𝑟𝑚 𝑖𝑠 𝑡ℎ𝑒 𝑠𝑡𝑟𝑎𝑖𝑛 𝑚𝑒𝑎𝑠𝑢𝑟𝑒𝑑 𝑎𝑡 50%𝑞𝑢 𝑜𝑟 𝑓𝑟𝑜𝑚 0.0005 − 0.00005 

𝑦𝐴 = (
𝑃𝑢

2(𝑦𝑟𝑚)0.25𝑀𝑖𝑟
)1.333 ... … … Equation 2.42 

 

Figure 2.28: Soil resistance variation with depth (a) predicted soil resistance by different 

researchers (b) effect of soil-pile adhesion on lateral resistance (Murff and Hamilton, 1993).  

 

On the other hand, Liang et al. (2009) assumed a wedge failure mechanism near the surface and 

derived a c'-𝜑 ' strength model from the Hoek-Brown strength envelope. They considered the 

ultimate resistance as a combination of side friction and a limiting normal pressure (pL), with the 

dominant contribution usually coming from side friction. However, Liang et al. (2009) suggest 

that even the side friction term will be relatively small, limited to the maximum compressive stress 

(a) (b)
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the rock can sustain within the Hoek-Brown strength envelope, taking the overburden stress as the 

minor principal stress. Erbrich (2004) introduced a different approach for estimating the ultimate 

lateral resistance, suggesting that it can be represented by Pu = Np(qu/2), where Np is the bearing 

factor obtained from the Murff-Hamilton (1993) solution. This formulation provides a simplified 

expression for the ultimate lateral resistance of the rock mass. Erbrich (2004) proposed the use of 

different values for the bearing factor Np based on the depth of the rock. For surface conditions, 

Np(surf) was suggested to be approximately 2, while for deeper regions, Np(deep) was recommended 

as around 10. Additionally, the option of applying a maximum cutoff value, Np ≤ Np(max), was also 

considered. Erbrich's approach accounted for brittle failure on angled conical wedges, gradually 

progressing from the rock surface to a depth corresponding to "deep" failure. The significant 

innovation of the proposed P-y curves was the inclusion of progressive brittle failure, as depicted 

in Figure 2.29. Beyond this point, the lateral resistance decreased to a low value based on the P-y 

response of uncemented sand, similar to the assumption in Abbs (1983). The onset of chipping was 

set just below the true ultimate resistance for that depth, with a reduction factor of approximately 

0.85. An automated algorithm was used to determine the maximum chipping depth by introducing 

an additional model parameter.  

 

Figure 2.29: Chipping approach for the lateral response of rock socketed pile (Erbrich, 2004). 

 

2.6.3 P-y curves for soft clay in the presence of free water and stiff clay without free water under 

static or cyclic loading: 

Soft clay in the presence of free water: 
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In a study conducted by Matlock (1970), a lateral load test was performed on a steel pipe pile with 

a diameter of 324 mm (13 in.) and a length of 12.8 m (42 ft). The pile was driven into clays near 

Lake Austin, Texas, which had an average shear strength of approximately 38 kPa (800 lb/ft2). 

Subsequently, the pile was recovered and transported to Sabine Pass, Texas, where it was driven 

into clay with an average shear strength of approximately 14.4 kPa (300 lb/ft2) in the significant 

upper zone. 

The ultimate resistance of the pile can be computed based on the minimum value obtained from 

Equations 2.43 and 2.44. Here. 𝛾′𝑎𝑣𝑔 = average effective unit weight from the ground surface to 

the p-y curve, x = depth from the ground surface to the p-y curve, c = shear strength at depth x, 

and D = pile width. 

 

𝑝𝑢 = [3 +
𝛾′𝑎𝑣𝑔

𝑐
𝑥 +

𝑗

𝐷
𝑥] 𝑐𝐷 ... … … Equation 2.43 

 

𝑝𝑢 = 9𝑐𝐷 ... … … Equation 2.44 

 

In the study by Matlock (1970), it was found through experimentation that the value of the 

coefficient ‘j’ was approximately 0.5 for soft clay and about 0.25 for medium clay. Although a 

value of 0.5 is commonly used for ‘j’, it may vary depending on the specific soil conditions.  

The deflection at one-half of the ultimate soil resistance can be expressed by Equation 2.45. 

 

𝑦50 = 2.5𝜀50𝐷 ... … … Equation 2.45 

 

Finally, the p-y curve can be computed using the Equation 2.46 

 

𝑝

𝑝𝑢
= 0.5(

𝑦

𝑦50
)1/3 𝑓𝑜𝑟 𝑦 ≤ 8𝑦50 ... … … Equation 2.46 

 

In the case of cyclic loading, the critical depth x′ should be calculated by solving the Equation 2.14 

and 2.15, which becomes Equation 2.47: 

 

𝑥′ =
6𝑐𝐷

𝛾′𝐷+𝑗𝑐
 ... … … Equation 2.47 
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It was assumed that the 𝛾′𝑎𝑣𝑔 and 𝑐 remain constant at the upper region (≤ 𝑥′).  For 𝑥 ≥ 𝑥′, select 

p as 0.72pu for all values of y > 3y50. For 𝑥 ≤ 𝑥′, select p as 0.72pu at y = 3y50.and to the value 

given by Equation 2.48 at y=15y50.  

 

𝑝 = 0.72𝑝𝑢 (
𝑥

𝑥′) ; 𝑏𝑒𝑦𝑜𝑛𝑑 𝑦 = 15𝑦50 𝑝 = 𝑝𝑢  ... … … Equation 2.48 

 

Stiff clay without free water: 

At a site in Houston, a lateral load test was conducted on a bored pile with a diameter of 915 mm 

(36 in.). Prior to the placement of concrete, a 254-mm (10 in.) diameter pipe was positioned along 

the pile's axis and equipped with electrical-resistance-strain gauges at intervals along its length. 

The embedded length of the pile was 12.8 m (42 ft). The clay in the upper 6 m (20 ft) of the soil 

had an average undrained shear strength of approximately 105 kPa (2,200 lb/ft2). The experiments 

and their interpretation are extensively discussed by Welch and Reese (1972) and Reese and Welch 

(1975). The experiment in Houston was utilized to derive both the static and cyclic p-y curves. 

Additionally, in contrast to the other experiments, the load was applied unidirectionally in this case. 

The minimum value from Equations 2.43 and 2.44 should be used for the ultimate resistance of 

the pile pu. Similarly, the y50 can be calculated using Equation 2.45. Finally, the p-y curves can be 

drawn by the Equation 2.49. 

 

𝑝

𝑝𝑢
= 0.5(

𝑦

𝑦50
)0.25 𝑓𝑜𝑟 𝑦 ≤ 16𝑦50 ... … … Equation 2.49 

 

In the case of cyclic loading, determine the constant value C, which can be found from the 

relationship developed by laboratory tests conducted by Welch and Reese, 1972 as given in 

Equation 2.50.  

 

𝐶 = 9.6(
𝑝

𝑝𝑢
)4 ... … … Equation 2.50 

At the value of p corresponding to the values of p/pu from Equation 2.49, compute new values of 

y for cyclic loading by Equation 2.51  

 

𝑦𝑐 = 𝑦𝑠 + 𝑦50𝐶𝑙𝑜𝑔|𝑁| ... … … Equation 2.51 

Where, yc = deflection under N-cycles of load, ys = deflection under short-term static load, y50 = 

deflection under short-term static load at one-half the ultimate resistance, and N = number of cycles 

of load application. 
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2.7 Properties of geomaterials: 

2.7.1 Sand: 

Figure 2.30 illustrates the strain ranges and allowable strain levels for different geotechnical 

structures, showing the reduction in shear moduli with increasing strain. The stiffness degradation 

can be categorized into elastic, elastic-plastic, and failure zones, with the shear moduli being 

independent of strain in the elastic zone, highly influenced by shear strain in the intermediate zone, 

and dictated by shear flow in the failure zone. Considering the strain-dependent stiffness is crucial 

for economical and safe design under different displacement and loading conditions. Researchers 

have described the stress and strain dependency of Toyoura sand stiffness, emphasizing its 

importance in the numerical modelling of soil structure interaction (Iwasaki et al., 1978; 

Jamiolkowski et al., 1994; Lo Presti et al., 1993; Fukushima et al., 1984). Functions proposed by 

Iwasaki and Tatsuoka (1977) estimate shear strain moduli for clean sand based on resonant column 

test, which can be expressed by Equations 2.52 to 2.53. The functions were proposed from the 

strain level of 10-6 to 10-4, attributing to the non-linear response and large damping of soil beyond 

the strain level of 10-4; the resonant-column method could not be accurate. Based on the equations, 

it can be said that the exponent of mean effective stress increases with the increasing strain level. 

Extended strain measurements were conducted by Iwasaki and Tatsuoka (1978) using resonant-

column and torsional shear devices up to the level of 10-2, providing generalized equations and 

design charts for shear strain and confining stress-dependent shear moduli. 

𝐺 =
900(2.17−𝑒)2𝑝.04

1+𝑒
 𝑎𝑡 𝑠ℎ𝑒𝑎𝑟 𝑠𝑡𝑟𝑎𝑖𝑛 (𝛾) = 10−6 ... … … Equation 2.52 

𝐺 =
850(2.17−𝑒)2𝑝.0.44

1+𝑒
 𝑎𝑡 𝑠ℎ𝑒𝑎𝑟 𝑠𝑡𝑟𝑎𝑖𝑛 (𝛾) = 10−5 ... … … Equation 2.53 

𝐺 =
700(2.17−𝑒)2𝑝.0.5

1+𝑒
 𝑎𝑡 𝑠ℎ𝑒𝑎𝑟 𝑠𝑡𝑟𝑎𝑖𝑛 (𝛾) = 10−4 ... … … Equation 2.54 

Where,  

𝑒 : Void ratio 

𝛾 : Shear strain  

𝑝: Mean effective stress or confining pressure  

𝐺: Shear modulus of soil  

Furthermore, Iwasaki and Tatsuoka (1978) conducted experiments to examine the influence of the 

void ratio on the shear modulus of Toyoura sand. They investigated a wide range of strain 

amplitudes (10-6 to 3x10-3) while keeping the confining pressure constant at 100kPa, as shown in 

Figure 2.31. Based on their extensive experimental data, they determined that the slope of the G-

e relation, which represents the relationship between shear modulus and void ratio, remained 

consistent regardless of the strain amplitude. This observation was captured in equation 2.56. The 

findings from Figure 2.32 supported the conclusion that the slope of the 𝐺 -𝑒  relation was not 

affected by the strain amplitude. 
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𝑠𝑙𝑜𝑝𝑒 𝑜𝑓 𝐺 − 𝑒  𝑟𝑒𝑙𝑎𝑡𝑖𝑜𝑛 (𝑆𝐺𝑒) =
(2.17−𝑒)2 

1+𝑒
 …………….…………Equation 2.55 

 

Figure 2.30: Stiffness - strain behaviour of soil and design strain levels for various structures and 

laboratory tests (after Atkinson and Sallfors, 1991; Mair, 1993; Ishihara, 1996; Sawangsuriya et 

al., 2005) (Sawangsuriya ,2012). 

(γ=10-4 - 10-3) for 

retaining walls
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Figure 2.31: Dependency of stiffness on the void ratio of Toyoura sand at 98kPa confining pressure 

for different strain amplitudes (Iwasaki and Tatsuoka (1978)). 

 

Figure 2.32: Relation between G / (((2.17−𝑒)^2  )/(1+𝑒)) and confining pressure (p) for (a) air-

dried and (b) saturated Toyoura sand at different strain amplitudes (Iwasaki and Tatsuoka (1978)). 

Dr=80%
Dr=90%Dr=95%

(a) (b)

Kγ
Kγ
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Iwasaki and Tatsuoka (1978) conducted experiments to investigate the influence of confining 

pressure on the shear modulus of Toyoura sand. They eliminated the influence of the void ratio by 

dividing the shear modulus by the slope of the G-e relation. The relationship between G/SGe 

(where S-Ge is the slope of the G-e relation) and confining pressure for air-dried and saturated 

Toyoura sand was found to be linear on a logarithmic scale.  

(𝐺)𝛾,𝑝 = 𝐾𝛾
(2.17−𝑒)2𝑝𝑚𝛾  

1+𝑒
………………………….………………equation 2.56 

They presented a generalized equation to estimate shear moduli at different strain levels and 

confining pressures as given by Equation 2.56. The relationship between mγ-γ is given in Figure 

2.33. Based on their observations, an exponent of mγ=0.5 provided more realistic and conservative 

stress and strain-dependent stiffness values. The stress dependency on the stiffness of Toyoura 

sand at high relative densities can be estimated using the shear modulus and void ratio relation. 

Klinkvort et al. (2013) investigated the stress dependency on the stiffness of high-density sand and 

described it using triaxial tests. The properties of Fontainebleau sand, including its higher mean 

particle size compared to Toyoura sand and its stress dependency at 90% relative density, were 

also examined. 

 

Figure 2.33: mγ-γ relation for Toyoura sand (Iwasaki and Tatsuoka (1978)).  

 

2.7.2 Rock: 

Different terms are used to describe weak rock, such as weathered and broken rock, indurated soil, 

soft rock, and intermediate geomaterial. Weak rock falls within a spectrum between rock and soil, 

being harder and more brittle than soil but softer and less brittle than other rocks. Weak rocks are 

also more compressible and susceptible to changes in effective stress. Soft rocks present various 

challenges, such as low strength, crumbling, and fast weathering, making them unsuitable for 

engineering projects Kanji (2014). Additionally, their intermediate strength level makes it difficult 

to accurately determine their properties through testing. Soft rock sampling and site investigation 

are complex, and existing classification systems are unsuitable for continuous soft rock masses. 

Some common types of soft rock are listed in Table 2.4. 
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Table 2.4: List of some common types of soft rock 

Basic types Subclasses 

Sedimentary rocks Clastic: mudstones, shales, siltstones, 

sandstones, conglomerates and beccias, and 

marl; Evaporites: salt rock, carnallite, etc.; 

Soluble: limestone, dolomite, and gypsum; 

and Coal 

Igneous rocks Volcanic conglomerates, breccias, and lahar; 

Basaltic breccia; Piroclastic deposits, 

volcanic ash, tuff and ignimbrite; and 

Weathering products of crystalline rocks 

Metamorphic rocks Slate, phyllite, schists, quartzite little 

cemented, Metavolcanic deposits 

 

Soft rocks present numerous challenges due to their undesirable properties, including low strength, 

disaggregation, crumbling, high plasticity, slaking, and rapid weathering, among others. As a result, 

they are typically avoided in the construction of structures like dams, hydroelectric facilities, and 

tunnels for highways or railways. However, in certain regions of the world, soft rock dominates 

the geology, leaving no alternative to better-quality rock. As shown in Figure 2.34, Japan, for 

instance, is composed of soft rock formations and has adapted to working with these materials in 

its construction projects. 

 

Figure 2.34: distribution of subsurface rock types in Japan (Geological Survey of Japan, 1995). 

 

Rock is weak either because the rock material is itself weak or because the mass is fractured. Thus, 

the definition of weak rock has to account for material strength and mass structure. Figure 2.35 
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describe the different range of unconfined compressive strength of different rock adopted from 

Kylhawy and Phoon (1993). 

 

 

Figure 2.35: Classification of rock material strength (after Kulhawy and Phoon, 1993). 

 

However, USDA-NRCS, 2012 also classified the rock material based on the unconfined 

compressive strength. Figure 2.36 shows the Hardness and unconfined compressive strength of 

rock materials in engineering classification.  

After Kulhawy and Phoon (1993), in practice, weak rocks will commonly display unconfined 

compressive strength in the range of 0.6-12.5 MPa and mass stiffness values of 100-1000 MPa. 

According to the engineering classification, 0.6MPa - 1.25MPa is defined as very soft rock 

material and 1.25MPa-5.0MPa given as soft rock.  

In addition, it provides the upper limit of the soft rock as 12.5MPa, but there is a practical 

coincidence where the upper limit considered 25MPa as unconfined compressive strength (Kanji, 

2014). Establishing the lower limit for the strength of soft rock is more complicated since some 

hard soils also exhibit higher unconfined compressive strength. However, Terzaghi and Peck 

(1967) defined based on an SPT value above 50 and UCS greater than 0.4 MPa as the lower limit 

of soft rocks, whereas Dobereiner (1982) considered a UCS value of 0.5 MPa.  
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Figure 2.36: Hardness and unconfined compressive strength of rock materials in engineering 

classification (USDA-NRCS, 2012). 

Classification of rock based on SPT test: 

Clayton (1995) also classified the weak rock based on SPT value. According to Figure 2.37, the 

weak rock should have 𝑁60 value form 80-200 with the correction of ± 15% change of N value. 

 

Figure 2.37: Classification of rock based on SPT value by Clayton (1995). 
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Factors influencing the properties of soft rock: 

The properties of weak rock provided quantitative support to engineering geologist descriptions of 

rock cores and exposures. They may be used as indices of behaviour or inputs to a classification 

system and provide a link to key engineering parameters required for the design of pile sockets. 

Index properties of rock are one of the key properties to define rock type. Depending on the rock 

type, the following properties are used to characterize the physical attributes of the rock material: 

1. Whether it disaggregates in water 

2. Clay fraction 

3. Moisture content 

4. Density 

5. Atterberg limits 

 

The other characteristics that may be relevant are swelling index, durability, soundness, abrasivity 

and solubility. Some engineering properties of British mud rocks by Cripps and Taylor (1981) are 

shown in Figure 2.38. 

Uniaxial compressive strength is the main index property by which weak rocks are classified, from 

which design values of ultimate shaft friction and ultimate end resistance for pile socket design 

are obtained. The influence of specimen size, moisture content and specimen orientation relative 

to rock fabric on observed test results is important. Figure 2.39 shows the relationship between the 

uniaxial compressive strength and the moisture content. Uniaxial compressive strength reduces 

with the increase of the moisture content.  

 

Figure 2.38: Engineering properties of some British mud rocks (after Cripps and Taylor, 1981). 
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Figure 2.39: influence of water content on measured uniaxial compressive strength of synthetic 

rock specimens (after Johnston, 1995)  

 

At a site where piling is expected to be required, rock will generally not be exposed. Thus, 

considerable reliance may have to be placed on the assessment of the fracture state from the 

borehole core only, using the values of solid core recovery (SCR), fracture index, and rock quality 

designation (RQD). Figure 2.40 demonstrates the quality of the rock mass based on RQD.  

 

Figure 2.40: RQD and its relationship to other rock mass measurements (after Farmer, 1983). 
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2.7.3 Literature of artificial soft rock: 

Artificially prepared soft rock can be created through different mixture compositions. One 

approach commonly employed is the combination of cement-treated soil, clay, and water. 

Kunasegaram et al. (2015) conducted a study involving the preparation of samples using different 

ratios of cement, sand, and clay, as shown in Figure 2.41. They also investigated the impact of 

variations in the water-cement ratio, clay-sand content, and moisture content of the mixture on the 

unconfined compressive strength of the resulting soft rock samples. 

 

 

Figure 2.41: Mixing combination of artificial soft rock. 

 

Cylindrical specimens with a diameter of 50mm and height of 100mm were prepared for 

conducting unconfined compression tests. The specimens were composed of cement-treated soils 

mixed with Sumiclay (with a specific gravity of 2.67, liquid limit of 34%, and plastic limit of 19%) 

and Toyoura sand (with a specific gravity of 2.65, median particle diameter of 0.18mm, and 

uniformity coefficient of 1.4). Different samples were created by varying the mixing ratios, 

including the water-cement ratio (ranging from 250% to 440%), clay content (20%, 30%, and 40%), 

and moisture content (17% and 20%), all measured by weight. The specimens were prepared using 

early-strength Portland cement (with a specific gravity of 3.14) obtained from Taiheiyo Cement. 

The moulded specimens were subjected to curing periods of 3, 7, 14, and 28 days in preparation 

for the unconfined compression tests. Further details regarding the specific mixing ratios can be 

found in Figure 2.41, as reported by the researcher. The researcher investigated the variation in 

unconfined compressive strength (UCS) and secant modulus (E50) for different mixing conditions. 

The results of this study are presented in Figures 2.42 and 2.43. They observed that both E50 and 

UCS increase with longer curing times. Also, they used two types of methods to measure the strain: 

(1) using a dial gauge and (2) using bending strain. Based on the test result, it was found that the 

strength and stiffness measured by using strain gauge is about 2-3 times larger than the dial gauge 

measurement. 
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Figure 2.42: relationship between 𝐸50 and UCS for artificial soft rock samples (Kunasegaram et 

al., 2015). 

 

 

Figure 2.43: Comparison of experimental results with centrifuge model specimens (Kunasegaram 

et al., 2015). 
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2.8 Centrifuge modeling: 

2.8.1 Advantage of centrifuge modelling: 

Centrifuge modelling offers several advantages for geotechnical research and investigations: 

1. Realistic Simulation: Confining stresses and stiffness of the ground can be accurately 

modelled in a small container using higher centrifugal accelerations. This allows for precise 

replication of shear strain mobilization, closely resembling real field conditions. 

2. Time Efficiency: Geotechnical problems that involve long durations, such as consolidation 

or diffusion, can be studied within shorter time frames under high "g" environments. This 

accelerates the research process and enables quicker analysis of time-dependent 

phenomena. 

3. Soil-Structure Interactions: Centrifuge modelling enables the study of deformation 

mechanisms and failure modes of geotechnical structures, including investigations into 

soil-structure interactions. This provides valuable insights into the behaviour and 

performance of structures under realistic conditions. 

4. Cost-Effectiveness: Centrifuge modelling offers a cost-effective solution compared to 

conducting investigations in the real field, especially for complex phenomena. It allows for 

in-depth analysis and understanding of geotechnical problems without the need for large-

scale field experiments. 

5. 3D Analysis: Centrifuge modelling helps unravel the three-dimensional behaviour of 

intricate soil-structure interaction problems. This allows researchers to explore complex 

scenarios and evaluate the performance of structures more comprehensively. 

6. Dynamic Studies: Centrifuge modelling allows for the study of the dynamic behaviour of 

structures under specific ground excitations. This is particularly useful for investigating 

seismic effects, which are challenging to replicate accurately in the real field, except on 

large-scale shake tables. 

Overall, centrifuge modeling provides a powerful and versatile tool for geotechnical research, 

offering realistic simulations, time efficiency, cost-effectiveness, and the ability to study complex 

phenomena and dynamic behavior. 

 

2.8.2 Principles of geotechnical centrifuge modelling: 

In dynamic centrifuge modelling, the scaling laws described by Schofield (1980) are utilized. Table 

2.5 summarize some scaling law followed in geotechnical centrifuge modelling. The main 

principle is that a model scaled down by a factor of N, placed at the end of a centrifuge arm, and 

subjected to a centrifugal acceleration of N g will experience the same stresses as the prototype, 

as shown in Figure 2.44. For example, if a 50 m depth of ground surface needs to be modelled, a 

1 m deep model container is filled with soil, placed on the centrifuge arm, and subjected to a 

centrifugal acceleration of 50 g. This increases the pressures and stresses by a factor of 50, 

effectively representing the vertical stress at a depth of 50 m below the ground surface on Earth. 

Thus, the 1 m deep model represents 50 m of prototype soil. 
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Figure 2.44: Stress similarity between model and prototype (Shamy et al., 2013). 

 

The purpose of the centrifuge is to enable small-scale models to experience the same stresses as 

the full-scale prototype. However, the accuracy of the model study depends on the size of the 

Table 2.5: Scaling law followed in geotechnical centrifuge modelling. 

Parameter Units 
Ratio of model to 

prototype 

Length m 1/N 

Area m2 1/N2 

Density kg/m3 1 

Velocity m/s 1 

Acceleration m/s2 N 

Stress N/m2 1 

Strain - 1 

Force N 1/N2 

Bending moment Nm 1/N3 

Time(dynamic) s 1/N 

Time(consolidation) s 1/N2 
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model and the spinning radius of the centrifuge. Unlike the Earth's gravity field, where the 

acceleration remains constant, the centrifugal acceleration in the centrifuge increases with the 

radius, as shown in Figure 2.45. Therefore, maintaining a constant centrifugal acceleration 

throughout the model is not possible. To minimize the effects on model studies, the centre of 

gravity of the model is kept at the intersection radius of both the constant g environment and the 

parabolic distribution of the centrifugal acceleration, as illustrated in Figure 2.45. 

 

Figure 2.45: Variation of centrifugal acceleration with radius. 

In summary, dynamic centrifuge modelling utilizes scaling laws to replicate the stresses of the 

prototype in scaled-down models. Although the model studies are beneficial for understanding 

prototype behaviour, the accuracy depends on the model size and the centrifuge's spinning radius. 

Efforts are made to minimize the differences between the constant g environment and the 

centrifugal acceleration distribution to enhance the reliability of the model studies. 

 

2.8.3 Tokyo tech Mark III centrifuge and centrifuge scaling law: 

The Tokyo Tech Mark III centrifuge, as shown in Figure 2.46, a beam-type centrifuge with parallel 

arms, was installed at the soil mechanics laboratory of the Tokyo Institute of Technology in 1995. 

It features a 2.45 m radius of rotation and platforms for holding the model container and 

counterbalancing weight. Data acquisition is accomplished through electrical slip rings and an 

optical rotary joint, allowing the signal transmission to amplifiers and a PC. A hydraulic rotary 

joint facilitates oil charging and discharging, while a hydraulic accumulator ensures an adequate 

flow rate for the high-performance 1D shaker. Full details and specifications can be found in 

Takemura et al. (1999), and some key specifications are mentioned in Table 2.6. 

 

Constant g 
environment

Ng

Uniform Ng field

g increase 
with radius

Ng field in Centrifuge Radius

g

Ng field in Centrifuge

Uniform Ng field
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Figure 2.46: Tokyo Tech Mark III centrifuge. 

 

Table 2.6: Key specification of Tokyo Tech Mark III centrifuge 

Radius 
Platform radius 2.45m 

Effective radius 2.0 - 2.2m 

Platform dimensions 

Width 0.90m 

Depth 0.90m 

Maximum height 0.97m 

Capacity 

Maximum payload 50g.ton 

Maximum number of rotations 300rpm 

Maximum payload at 80-g 600kg 

Electrical slip rings For operation 18 chs 

Rotary joints 

Number of ports for air and water 2 

Working pressure for air and water 1MPa 

Number of ports for oil 2 

Working pressure for oil 21MPa 

Optical rotary joints Number of ports 4 
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Chapter 3 

Mechanical behaviour of laterally loaded single pile socketed in soft rock 

3.1 Introduction: 

Before conducting a complex centrifuge model, it is necessary to know about the critical 

parameters that can affect the complex centrifuge model results. This chapter studies the critical 

conditions that could affect the behaviour to model the CSTP wall embedded in soft rock subjected 

to dynamic loading. The primary purpose of this chapter is to: 

1. To investigate the mechanical properties of the model steel tubular pile used in the CSTP 

wall model preparation. 

2. To explain the preparation of the model soft rock ground and the mechanical properties of 

the model soft rock ground. 

3. To conduct a simple 1g pile loading test to investigate the effect of rock socketing depth, 

loading height, and in-fill condition on the lateral response of the pile. 

4. To understand the applicability of the 1g model by comparing it with the actual centrifuge 

test model. 

 

3.2 Mechanical properties of model pile: 

3.2.1 Model preparation and test conditions: 

In this research, a 1g lateral loading test was performed on model steel tubular piles with a diameter 

of Φ=40mm and thickness of t=0.5mm with (Φ/t=80). The application of large-diameter piles 

(Φ>1.5m) has increased in the past decades to construct retaining structures (Takemura, 2022). In 

this research, a pile diameter of 40mm was used considering the container width so that plane 

strain conditions could be maintained. The thickness of the pile was determined using API (2014) 

guideline (t=0.00635+Φ/100). The objectives of the pile calibration test were to investigate the 

nonlinear stress-strain behaviour, the symmetric response of tensile and compressive strains, and 

the point of bifurcation and failure mode under combined lateral and moment loads. Figure 3.1 

illustrates the 2D view of the model setup. A stainless steel (SUS304) pile with Young's modulus 

(E) of 193 GPa and yield stress (σy) of 255 MPa was used to conduct the calibration. Two 

aluminium pile caps (see Figure 3.2 (a) and (b)) were firmly fixed at the top and bottom of the pile. 

The upper pile cap had a socketing depth of 15mm, while the bottom pile cap had a socketing 

depth of 45mm. The top pile cap provided a solid loading head, and the bottom pile cap created an 

unplugged ground condition, as shown in Figure 3.2 (d). The pile was securely fixed inside a pile 

holder (as shown in Figure 3.2 (c)) with a dimension of 160mm x 60mm x 60mm, which was 

bolted to the container bottom (Figure 3.1).  

To measure strains, the model pile was instrumented with individual axial tension (εt) and 

compression (εc) strain gauges, as well as bending strain and shear strain gauges, at various 

locations along the pile from the fixed end (Figure 3.1). Strain measurements were made using a 
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Whitestone bridge circuit. Figure 3.3 depicts the bridge connections made for strain measurement 

from the shear strain gauges. By making a 45o angle, the strain gauges were pasted on the two 

sides of the pile parallel to the loading direction.   

 

Figure 3.1: 2D view of model pile calibration test setup. 
 

 

Figure 3.2: a) Pile cap used at top (b) Pile cap used at bottom (c) Pile holder used as fixed support 

(d) Pile socketing condition inside the support. 
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The process used to level the strain gauge wires is shown in Figure 3.3 (b). Figure 3.3 (c) shows 

the bridge box connection made to measure the strain. During the conversion of the strain to shear 

strain by using Equation 3.1, it should be multiplied by 2. Bending strain and shear strain were 

measured using a full-bridge Wheatstone circuit, while axial strain was measured using a half-

bridge Wheatstone circuit.  

𝛄 = 𝟐 𝐱 𝛆 𝐚𝐭 𝟒𝟓° 𝐚𝐧𝐠𝐥𝐞 𝐬𝐭𝐫𝐚𝐢𝐧 𝐠𝐚𝐮𝐠𝐞 … … … Equation 3.1 

 

Figure 3.3: Shear strain measurement technique (a) positioning of shear strain gauge on pile (b) 

leveling of strain gauge wire (c) Bridge box connection. 
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Figure 3.4: Test setup (a) model setup before conducting the test (b) top view of the model setup. 
 

The load was applied at the pile top by using a load cell (Figure 3.4 (a)) which has a capacity of 

5kN. The pile was calibrated under one-way cyclic loading with increasing cyclic displacement 

amplitudes at the pile head until structural buckling near the fixed end was observed. Two Laser 

Displacement Transduce (LDTs) were placed at the top to measure the pile top displacement and 

the pile top rotation at the loading point. Also, a dial gauge was used to measure the displacement 

near the support (about 10mm from the support). 

 

3.2.2 Experimental measurement: 

Figure 3.5 depicts the time series of measured pile top displacement by two LDTs, dial gauge 

(D.G.) and load cell. As shown in Figure 3.5, a total of 9 cycles of loading were applied by 

increasing the amplitude of loading. After 9 cycles, monotonic loading was applied until the 

ultimate failure occurred. 

Figure 3.6 depicts the typical measurement by the strain gauge. Figure 3.6 (a) and (b) show the 

individual tensile and compressive strain measurements by strain gauge located at Z/Φ=0.25 and 

0.5, respectively. The bending strain was measured by converting the millivolt (mV) measurements 

from the data logger using the Wheatstone bridge principle. Figure 3.6 (c) shows the shear strain 

measurement by two shear gauges at Z/Φ=0.5 and 0.75, respectively. Similarly, the shear strain 

was measured by converting the millivolt (mV) measurements from the data logger using the 

Wheatstone bridge principle. 

 
(a) (b)

Load cell 
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Figure 3.5: Time series of measurement (a) pile displacement by LTDs and dial gauge (b) applied 

load by the load cell. 
 

 

Figure 3.6: Typical measurements by strain gauges (a) individual bending strain at Z/Φ=0.25 (b) 

individual bending strain at Z/Φ=0.5 (c) shear strain measurement at Z/Φ=0.5 and 0.75. 
 

Good measurement accuracy was achieved in the bending strain measurements. However, in the 

case of shear strain measurement, unintentional errors like pasting the strain gauge in perfect 

alignment and the adhesion between the pile and strain gauge might affect the measurement quality. 

Based on the measurement, this kind of effect might not significantly affect the bending strain 

measurement.   

 

3.2.3 Experimental results: 

Figure 3.7 shows the variation of applied lateral load (PL) with pile top displacement (δt) at the 

loading point and the variation of applied moment load MLa to the measured bending strain (ε). As 

shown in Figure 3.7 (a), the reloading curve takes a unique shape, which can be considered as the 
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envelope of the cyclic loading. This unique curve is termed the ‘backbone’ curve in this research. 

With the increase of applied lateral load and moment load per cycle, the accumulation of residual 

displacement and residual strain takes place. As the main purpose of the calibration test was to 

understand the stress-strain behaviour measured by the strain gauge, different definitions used to 

discuss the behaviour are shown in Figure 3.7 (b). 

Figure 3.8 depicts the variation of the applied bending strain with the measured bending strain. 

With the applied strain, the measured strain was increased with the increase of distance from the 

support. The accumulation of residual strain with the increase in the number of cycles was 

confirmed at all the locations. This accumulation of residual strain was significant for strain gauges 

located near the support rather than far from the support. The effect of buckling formation on the 

strain measurement was confirmed by large residual strain during the final cycle at Z/Φ=0.25 and 

0.5. Also, before the final cycle, no change in the slope of the loading and reloading cycle was 

confirmed at Z/Φ=0.25 and 0.5. After the final cycle, the slope of the unloading curve was 

decreased than the slope of loading. 

The variation of applied load to the measured shear strain at different locations from the support 

is depicted in Figure 3.9. Using Equation 3.1, the shear strain was calculated from the measured 

strain by the shear gauge. It was observed that the applied load and the variation of the measured 

shear strain follow almost linear trends before the final cycle. After the buckling formation, the 

accumulation of residual shear stain was confirmed at different depths after the final loading. Good 

agreement in the measurement at Z/Φ=0.75 and 1.75 was confirmed. However, at Z/Φ=0.5 and 

1.25, the measurement might be affected by the previously mentioned unintentional error.  

 

 

Figure 3.7: Typical loading (a) variation of applied lateral load (PL) with pile top displacement (δt) 

(b) variation of applied moment load MLa to the measured bending strain (ε). 
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Figure 3.8: Variation of applied bending strain with measured bending strain at different locations 

from the support. 
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Figure 3.9: The variation of measured shear strain with the applied load. 

 

3.2.4 Discussions: 

Effect of nonlinearity on the bending strain measurements: 

Figure 3.10 describes the variation of individual strain measured at the extension and compression 

side against the applied moment load with the physical evidence of pile buckling. A theoretical 

linear relationship is also shown in this figure to discuss the nonlinearity. From Figure 3.10 (a), a 

linear elastic relationship could be expected up to 65% of the theoretical yielding moment (My). 

Therefore, the application of Euler-Bernoulli's theorem could be reasonably adopted up to this 

limit. Although, some differences in the tension and compression strain could be observed earlier 

than 65%My. However, this discrepancy could be due to the unintentional difference in the relative 

position of the gauges. Figure 3.10 (a) also confirms that the compressive strain initiates the local 

buckling of the tubular piles in ultimate condition. In the ultimate condition, an elephant foot-type 

buckling was physically confirmed, similar to the observation done by Kunasegaram and 
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Takemura (2022).   In the case of compressive strain at z/Φ=0.25, a decreasing trend after the 

ultimate condition is observed, which agrees with the outward bucking of the piles.  

The backbone curve obtained from the measured bending strain relationship with applied moment 

load at different depths is shown in Figure 3.10 (b). The bending strains dependency on the strain 

gauges location can be confirmed from this figure. As the location moves away from the fixed end, 

the deviation from the linear elastic trend decreases. 

 

Figure 3.10: (a) Variation of extension and compression strain with applied moment load; (b) 

Variation of measured bending strain with applied moment load. 
 

Figure 3.11 depicts the residual bending strain accumulation with the applied pre-max moment 

load. Before 65%My(theoretical), no effect of the location could be confirmed. After the final cycle, 

large residual strain can be confirmed at z/Φ=0.25 and 0.5 due to bucking. Although no effect of 

the location on the accumulation of residual strain can be confirmed before 65%My(theoretical), 

however some residual strain (about 0.01%) can be confirmed before that limit. Therefore, some 

plastic deformation can be expected to occur even before reaching the actual yielding moment, but 

considering the magnitude, it can be ignored. 
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Figure 3.11: Variation of residual bending strain with applied pre-max moment load. 

 

Applicability of shear force measurement: 

Figure 3.12 shows the backbone curve of the variation of measured shear force with applied load. 

The measured shear force is calculated from the measured shear strain by using Equation 3.1 

𝐅𝐯 =
𝐆.𝛄.𝐭.𝐈

𝐐
 … … … Equation 3.2 

 

Where, 

G= modulus of shear strain =
E

2(1+μ)
 

𝛾= shear strain calculated by Equation 3.1 

𝑡= thickness of the pile 

𝐼= moment of inertia 

𝑄=moment of area 

E= Young’s modulus of pile 
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A reference line is drawn to compare the accuracy of the measurement. As mentioned earlier, the 

shear force measurement is very much susceptible to measurement conditions. The shear force at 

Z/Φ=0.5 shows significant variation from the beginning from the reference line due to the large 

plastic deformation at that location. From the other three locations, no significant deviation from 

the reference line can be confirmed up to an applied load of 400N (equivalent to 1MN, in prototype 

scale under 50g). By avoiding human error, this shear force measurement technique can be 

reasonably applied up to the limit of 1MN on a prototype scale. 

 

Figure 3.12: Variation of measured shear force with applied load. 

 

3.3 Preparation of soft rock ground layer: 

3.3.1 Material properties and the estimation of materials: 

Portland cement [Gs =3.14] manufactured by Taiheiyo Cement has been mixed with the Sumi-clay 

and Toyoura sand to prepare the soft rock mixture. Sumi clay used in this study was processed by 

Sumitomo Osaka Cement Co., Ltd., having a specific gravity (Gs) of 2.67, liquid limit (LL) of 

=34% and plastic limit (PL) of 19%. The plasticity index of the sumi clay was estimated as 15% 

based on the difference between liquid limit and plastic limit. From this, it can be confirmed that 

the swelling potential of this clay is low, and it can be considered as a normal clay. The property 

of the Toyoura sand can be learned from Figure 3.13. Figure 3.14 and Figure 3.15 shows the 

material used to prepare the artificial soft rock. 
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Figure 3.13: Grain size distribution and physical properties of Toyoura sand (Dong et al. 2015). 
 

 

Figure 3.14: Material used for the modelling of the artificial soft rock. 
 

 

Figure 3.15: Sand and clay used in this research. 

 

A similar ground condition was ensured for all models, and the mixing conditions followed in all 

models are as follows: 
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𝑤𝑎𝑡𝑒𝑟

𝑐𝑒𝑚𝑒𝑛𝑡
= 395% by weight 

𝐶𝑙𝑎𝑦

𝑆𝑎𝑛𝑑
= 30:70 by weight 

Moisture content= 21.5%.  

The required volume mixed was considered based on the container dimension and layer height. 

However, 20% of the extra volume was considered to avoid any lack of material in case of an 

accident. A sample calculation for the required volume mix of 28 litres, including 20% extra, is 

described below: 

Water= 3.95 Cement … … … Equation 3.3  

Clay = 
𝟑

𝟕
 Sand … … … Equation 3.4 

𝑾𝒂𝒕𝒆𝒓

𝑪𝒍𝒂𝒚+𝑺𝒂𝒏𝒅+𝑪𝒆𝒎𝒆𝒏𝒕
= 0.215… … … Equation 3.5 

𝟐𝟖

𝟏𝟎𝟎𝟎
= 

𝑾𝒂𝒕𝒆𝒓

𝟏𝟎𝟎𝟎
 + 

𝑪𝒆𝒎𝒆𝒏𝒕

𝟑𝟏𝟒𝟎
 + 

𝑪𝒍𝒂𝒚

𝟐𝟔𝟕𝟎
 + 

𝑺𝒂𝒏𝒅

𝟐𝟔𝟎𝟎
… … … … Equation 3.6 

The calculated dry unit weights of cement, sand, clay, and water are 2.569 kg, 31.245 kg, 13.391 

kg, and 10.149 kg. In reality, it is impossible to get the dry condition of these materials since they 

absorb a certain amount of moisture from the environment. Therefore prior to the mixing, it is 

important to estimate the existing moisture content of clay sand. From the experience of the writer, 

the measured moisture content of Toyoura sand used in this study was negligible as its purchased 

state. However, Semi clay poses about 1.4% - 2% moisture content, depending on the weather and 

preserved conditions. In order to model the mix exactly or closer to the target water-cement ratio, 

it is important to do the correction for existing moisture.  

It was assumed that the existing moisture content of clay is 1.7%; then, 

100

101.7
x Bulk weight of clay = 13.391 kg 

Bulk weight of clay = 13.618 kg 

Moisture contribution from clay = 
100

101.7
 x 13.618 kg 

Corrected amount of water to be added = (10.149-0.227) = 9.922 kg. 

The above-mentioned calculation is subject to change based on the change of the required rock 

layer in the model and the dimension of the container. 

 

Preparation of rock mixture: 

Prior to the addition of water in to the mixture the dry sand –clay –cement was mixed well for 15 

minutes to achieve uniformly distributed dry mix using the mixing machine as shown in Figure 

3.17 (a). The cement before mixing with sand and clay was screed though the screener with sieve 
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opening of 425 µ shown in Figure 3.16. Upon completion of the dry state mixing, the required 

amount of water to maintain the moisture content was added to the mixing container and the slurry 

state mixing was continued by the mixing machine. Initial mixing under wet conditions was 

conducted for about 10 minutes; after that, the machine was stopped, and the wet slurry layer 

attached to the periphery of the mixing container was detached by a spatula, shown in Figure 3.17 

(b) and mixed with the main mix. Subsequently, the mixing was continued for a further 30 minutes 

to achieve a well-saturated and uniform mix.  

 

 

Figure 3.16: Screener to screen cement. 
 

 

Figure 3.17: (a) mixing container attached with the mixing machine (b) cleaning of the periphery 

of the container and blade by spatula. 
 

Mixing container

Mixer

(a) (b)
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3.4 1g rock socketed pile loading test 

3.4.1 Model preparation and test conditions: 

Figure 3.18 depicts the 2D view of the two 1g model setups, which were conducted at the Tokyo 

Tech Mark III centrifuge facility Takemura et al. (1999). A rigid container measuring 700mm in 

length, 500mm in depth, and 150mm in width was used for both 1g model tests. Identical stainless 

steel (SUS304) piles with Young's modulus (E) of 193 GPa and yield stress (σy) of 255 MPa were 

used in both models. As shown in Figure 3.19, a solid circular pile cap with a 30mm and 45mm 

socketing depth was firmly fixed to form a solid loading head at the pile top for models 3 and 9, 

respectively. After fixing the pile cap, strain gauges were attached throughout the pile length to 

calculate the bending strain. After attaching the strain gauges to the pile, epoxy resin was used to 

coat the strain gauges so that the strain gauge didn’t get damaged while installed inside the rock 

ground and the surrounding environment. After a minimum of one day of coating, a simple 

calibration, as shown in Figure 3.20 was performed to ensure the performance of the strain gauges. 

The mechanical properties and the notation of the piles used in the two 1g model tests are presented 

in Table 3.1. 

 

 

Figure 3.18: 2D view of 1g rock socketed pile loading test (a) Model 3 (b) Model 9. 
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Figure 3.19: pile cap used in (a) Model 3 and (b) Model 9. 
 

 

Figure 3.20: Simple model pile calibration test. 

(a) (b)
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The model soft rock mixture was made by following the procedure mentioned in article 3.2. Figure 

3.21Figure 3.1 shows the common way to model ground preparation for the 1g model test. Before 

preparing the model ground, 0·5 mm thick Poly Tetra Fluoro Ethylene (PTFE) sheets were attached 

to both sides of the container to prevent the container wall from being affected by the cement-

treated rock soil, as shown in Figure 3.21 (a). After attaching the PTFE sheets, a thick acrylic plate 

stack was tightly placed at the bottom of the container, reducing the depth to 200mm (see Figure 

Figure 3.21 (a)). The gap between the container wall and the acrylic plate was sealed with silicon 

rubber to prevent moisture loss during ground preparation, as shown in Figure 3.21 (b). As shown 

in Figure 3.21 (c), the rock ground was then made by compacting the mixture using a mechanical 

vibrator (See Figure 3.25 (b)) layer by layer every 30mm thickness, securing the target density up 

to the depth of 190mm. In the case of model 3, an acrylic compaction plate (see Figure 3.25) was 

used during layer-by-layer compaction. However, in the case of model 9 compaction, the initial 

three layers were done without using the acrylic compaction plate as the old plate was damaged 

and new plates took time to make. After making the ground, 10 mould samples were prepared for 

the conduction of the unconfined compression test, as shown in Figure 3.21 (d). The whole 

compaction process was tried to be finished within 1.5 hours before the solidification of cement. 

An unconfined compression strength (UCS) test was conducted on the 14th-day mould sample. 

Also, a consolidated undrained (CU) triaxial test was conducted by the external company on the 

14th day cured mould sample. Figure 3.22 (a) illustrates the variation of deviatoric stress (q) with 

axial strain (εa) (measured using a dial gauge) for three confining pressures (σ3) of 50kPa, 100kPa, 

and 200kPa. Figure 3.22(a) confirms that there was a large increase in strength with increasing 

Table 3.1:  Test conditions and the properties of 1g model pile 

Model no. 

(g level) 

Pile notation 

(Pile no.) 

Rock 

socketing 

depth: dr 

[dr/Φ] 

Loading 

height: HL 

[HL/Φ] 

Pile properties 

Model 3 

1g 

SP-SR-40 

SP-SR-60 

SP-SR-60-Fill 

40mm [1.0] 

60mm [1.5] 

60mm [1.5] 

130mm [3.25] 

Φ= 40 mm (2 m) 

t =0.5mm (25mm)  

EI=2.34x10-6GNm2  

(14.6 GNm2)  

My=1.54x10-4 MNm  

(19.3 MNm) 

Mp=1.99x10-4 MNm 

(24.9 MNm)  

 

SP-SR-40-l 

SP-SR-60-L 

40mm [1.0] 

60mm [1.5] 
80mm [2.0] 

Model 9 

1g 

SP_SR_40# 

SP_SR_60# 

SP_SR_80# 

40mm [1.0] 

60mm [1.5] 

80mm [2.0] 

130mm [3.25] 

EI: Pile flexural rigidity, My: Bend moment causing pile yielding, Mp: bending moment causing 

pile plastic failure, *Preloaded prior to the test without instrumentation before centrifugation, $: 

prototype scales under 50g are given in parentheses  
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confining pressure. Moreover, no effect of confinement was confirmed at a small strain level. 

Figure 3.22 (b) shows the variation of the secant stiffness with the unconfined compressive 

strength reported by Vijay and Takemura (2021) for two types of strain measurement methods, 

using a dial gauge and strain gauges. Additionally, the variation of E50 and UCS for the test shown 

in Figure 3.22 (a) is also shown in Figure 3.22 (b). The results indicate that the strength and 

stiffness measured by the dial gauge highly underestimate the strength and stiffness measured by 

the strain gauges. As proposed by Vijay and Takemura (2021), an unconfined compressive strength 

of 1.4 MPa and secant stiffness of 660 MPa were considered as representative strength and stiffness 

of the artificial model soft rock.  

 

Figure 3.21: (a) side view of the model container with acrylic plate (b) top view of the model 

container with acrylic plate (c) preparation of model ground by compaction (d) preparation of mold 

sample for unconfined compression test. 

500 mm

Silicone past 

150 mm

Top view

(a)

(b) (c) (d)
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Figure 3.22: Mechanical properties of model soft rock (a) Consolidated undrained triaxial test 

result under different confining stress (b) Relationship between secant stiffness (E50) with 

unconfined compressive strength (UCS). 

 

The pile installation process into the unsolidified rock ground is depicted in Figure 3.23. As shown 

in Figure 3.23 (a), a guide was used to place the pile in the desired location. Figure 3.23 (b) shows 

the front view of the pile with a strain gauge passed on the pile and covered with epoxy resin. After 

installing each pile, the verticality and the tilting of the pile were checked by placing the balance 

on top of the pile. Finally, safety plates, as shown in Figure 3.23 (d), were placed to prevent 

horizontal or vertical movement of the pile. After that, wet towels were placed on the ground to 

facilitate the curing process. In the first 1g model test (Figure 3.18 (a)), the rock socketing depths 

(dr) were 40mm and 60mm, and the loading heights (HL) were 80mm and 130mm in model scale, 

respectively. The second 1g model test (Figure 3.18 (b)) employed three rock socketing depths of 

40mm, 60mm, and 80mm with a loading height of 130mm in the model scale. In model 3, pile-5 

(SP-SR-60-fill) was filled with rock up to the file top, as shown in Figure 3.18 (a). In all the tests 

conducted, the piles were socketed into a single layer of soft rock. Before conducting the test on 

the 14th day of curing time, strain gauges were affixed on the solidified rock surface at the front 

and back of the pile to measure the rock surface strain. 

The wall top displacement has been measured by the LDT placed at the top of each pile. One-way 

horizontal cyclic load was applied by an electric loading jack to the pile top at 130mm and 80mm 

above the ground surface by controlling the displacement with a loading rate of 0.5 mm/min in the 

centrifuge. Bending, axial strain and rock surface strain were measured by strain gauge.  
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Figure 3.23: Pile installation process in the unsolidified ground (a) installation of the pile with the 

help of a guide (b) front view of the pile (c) checking of verticality (d) installed pile in with safety 

plate to restrict the settlement of the pile in unsolidified ground. 
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3.4.2 Sensors and instrument used in 1g rock socketed pile loading test: 

 

Figure 3.24: (a) Short-range Laser Displacement Transducers (LDTs) (b) Long-range LDTs (c) 

strain gauge used to affix on rock surface (d) Load cell used to apply the horizontal loading. 

(a) Short range LDT 

Measurable range is 3 to 5 cm

(b)  Long range LDT 
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(a)

(b)
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Figure 3.25: (a) acrylic compaction guide (b) mechanical vibrator. 

 

3.4.3 Experimental result: 

Load displacement behaviour: 

Figure 3.26 illustrates the relationship between lateral load and pile top displacement for models 

3 and 9, with similar loading cycles maintained for each pile. Residual displacement accumulates 

with each reloading cycle, and the slope of the reloading cycle changes as the number of cycles 

increases. The effect of rock socketing depth on lateral resistance is evident in the 1g model test, 

showing that deeper socketing depths result in increased resistance. When comparing SP-SR-40 

and SP-SR-40-L, despite different loading heights, no significant difference in lateral resistance is 

observed. Furthermore, no significant difference in the load-displacement behaviour can be 

observed when comparing SP-SR-40# to SP-SR-40 and SP-SR-40-L. However, the impact of 

loading height becomes apparent when comparing SP-SR-60-L to SP-SR-60. Additionally, no 

significant difference in lateral resistance is observed when comparing SP-SR-60 and SP-SR-60-

Fill, despite the latter being filled with soft rock. In the case of SP-SR-80#, a sudden reduction in 

lateral load is observed at δt=2.5mm, and it exhibits a distinct peak followed by displacement 

softening behaviour. 

(a)

(b)
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Figure 3.26: Variation of lateral load with pile top displacement (a) Model 3 (b) model 9. 

 

Rock ground conditions after test:  

 

Figure 3.27: Observe state of rock ground after 1g model test (a) SP_SR_80# (b) SP_SR_60# (c) 

SP_SR_60 (d) SP_SR_40#. 

 

Figure 3.27 presents the post-test condition of the rock ground following the 1g model test. In the 

ultimate condition of the test, ground failure consistently occurs. Com-paring SP_SR_60# with SP-

SR-60, a tension crack was observed in SP_SR_60#, while compressive failure was observed at 

the front of the pile in SP-SR-60. No significant crack or appearance of a compressive failure block 
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was noticed for SP-SR-40#. However, a distinct tension crack extending to the side of the container 

was observed in SP-SR-80#. 

 Response of rock surface to lateral loading: 

 

Figure 3.28: Variation of rock surface strain and lateral loading with normalized pile top 

displacement. 
 

Figure 3.28 presents the results of the 1g model tests, showing the variation of rock surface strain 

and lateral load against the normalized pile top displacement for the SP-SR-60 and SP-SR-80# 

piles. The front (compression) and back (tension) rock surface strains are displayed for SP-SR-60, 

while only the front strain is shown for SP-SR-80#. The peak rock surface strain occurs at a pile 

top displacement of approximately 6-10%Φ, indicating the point at which the rock surface begins 

to deteriorate. In the case of SP-SR-60, no visible tensile strain was measured up to δt=5%Φ, while 

the compressive strain decreased significantly from δt=5-10%Φ, with the tensile strain remaining 

relatively constant. However, after δt>10%Φ, the tensile strain increased significantly while the 

compressive strain remained relatively constant. 

 

3.4.4 Discussions: 

Effect of loading height and infill condition: 

Figure 3.29 shows the variation of load-displacement and moment load-rotation relationship for 
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were observed. However, the SP-SR-60-Fill pile was filled with soft rock up to the pile cap due to 

a small variation (about 3% increase) of the relative stiffness ratio (Ep/G*, where Ep is the 

equivalent stiffness of the pile and G* is the equivalent shear modulus Carter and Kulhawy, 1992), 

no significant difference in the lateral resistance was observed. However, in the ultimate condition, 

the formation of cracks and failure mechanisms could cause differences in load-displacement 

behaviour. 

As shown in Figure 3.26, no effect of loading height can be confirmed for dr/Φ=1 due to the rigid 

nature of the pile. However, as shown in Figure 3.29, for dr/Φ=1.5, the small moment load 

produced by a small loading height (SP-SR-60-L) provides larger lateral resistance than the large 

moment load produced by a large loading height (SP-SR-60). This observation confirms the 

significance of the loading height and the corresponding moment load on the lateral resistance of 

the pile. Furthermore, comparing the moment load-rotation relationship between SP-SR-60 and 

SP-SR-60-L, an almost identical relationship can be observed throughout the loading process. This 

observation confirms that the SP-SR-60-L behave as a rigid pile compared to SP-SR-60. 

 

Figure 3.29: Effect of loading height and filling condition. 

 

Comparison of 1g test result with 50 test results reported by Kunasegaram and Takemura (2022) 

The findings from the 1g model test are compared with the 50g model tests reported by 

Kunasegaram and Takemura (2022). The pile notations used by the authors for their 50g test results 
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are used to compare with the 1g model test results. However, for easy comparison between the 1g 

and 50 model tests, all the results from the 50g test are shown in the model scale. 

 

Load-displacement behavior: 

Figure 3.30 (a) illustrates the lateral load-displacement backbone curve observed in the 1g and 50g 

model tests. The effect of rock socketing depth is evident in both tests. However, the 1g model 

underestimates the lateral resistance, particularly at large displacements for dr/Φ=1.5 and 2. For 

dr/Φ=1, no effect of the g level or the material stiffness is observed on the load-displacement 

behaviour due to the rigid nature of the pile. 

 

Figure 3.30: Comparison between 1g model with Kunasegaram and Takemura, 2022 50g model 

(a) backbone curve (b) summary of lateral load variation with rock socketing depth. 

 

Comparing SP_SR_4 and SP_SR_3 reveals no effect of rock socketing depth up to δt=1%Φ, 

consistent with the results of the CU triaxial test presented in Figure 3.22 (a). These results indicate 

negligible confinement effects at small strain levels due to the large cohesion (cu=qu/2) and low 

stress dependency of the rock material. This behaviour can also be confirmed by comparing 

SP_SR_4x and SP_SR_3x. However, the backbone curve for SP_SR_2x deviates from those of 

SP_SR_3x and SP_SR_4x from the beginning. This deviation is attributed to the rigid nature and 

large rotation of the pile, as explained by Kunasegaram and Takemura (2022). 
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To compare the load-displacement behavior of the 1g and 50g models under small pile top 

displacement, the lateral load at different imposed displacements (0.5%Φ, 1%Φ, 2%Φ, 10%Φ, and 

qult) is plotted against the normalized rock socketing depth in Figure 3.30 (b). The results show 

that, for the 50g model, there is no significant effect of rock socketing depth up to δt=2%Φ. In the 

load-displacement behaviour, the confinement effect becomes visible as the imposed displacement 

increases beyond 2%Φ. In contrast, the 1g model can predict this behaviour up to δt=0.5%Φ. As 

the imposed displacement increases, the effect of rock socketing depth becomes more pronounced 

in both the 1g and 50g models. These results suggest that the 1g model may not accurately predict 

the load-displacement behaviour of piles at large displacements, especially for high rock socketing 

depths. However, for dr/Φ=1, there is no significant difference between the 1g and 50g models, 

likely due to the rigid nature of the pile.  

The load-displacement behaviour of the pile is dictated by the failure mechanism. Kunasegaram 

and Takemura (2022) reported that for SP_SR_4 and SP_SR_4x, two types of failure mechanisms 

were observed: structural failure for the former and ground failure for the latter. The two types of 

failure could be due to the difference in the number of loading cycles applied before the monotonic 

loading. For SP_SR_4x, due to a larger number of loading cycles than SP_SR_4, the rock pile 

confinement deteriorates, leading to ground failure. Due to the structural failure, clear post-peak 

displacement softening behaviour is observed in the backbone curve, as shown in Figure 3.30 (a). 

 

Accumulation of residual displacement and change in system stiffness: 

With the increase of the cyclic loading, the accumulation of rotation occurs (Leblanc et al., 2010). 

Figure 3.31 shows the variation of accumulated residual displacement with the imposed 

displacement observed in the 1g model and calculated from the cyclic load-displacement curve of 

the 50g model reported by Kunasegaram and Takemura (2022). With an increase in the imposed 

displacement, the residual displacement also increases. In the case of the 50g model, good 

agreement between the two models can be confirmed regarding the accumulation of the residual 

displacement. However, in the case of the 1g model, the difference in the residual displacement 

can be confirmed due to the difference in the failure mechanism and crack formation. Comparing 

the accumulation of residual displacement of SP-SR-60 with SP-SR-60-fill, SP-SR-60-fill shows 

a significant accumulation of residual displacement than SP-SR-60. Overall, the observed residual 
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displacement for the 1g model was overestimated compared to the 50g model, especially for 

dr/Φ=1, where the overestimation occurred even at small, imposed displacements.  

 

 

Figure 3.31: Comparison of accumulation of residual displacement with imposed displacement 

between the 1g model and 50g model. 

 

Figure 3.32: Comparison of system stiffness between 1g model and 50g model. 

 

Figure 3.32 depicts the variation of system stiffness (defined as the slope of the reloading curve) 

with imposed displacement. For stiff monopiles used in offshore wind turbines, the stiffness of the 

ground changes due to long-term cyclic loading (Leblanc et al., 2010). The system stiffness for 

soft rock exhibits a different trend than sand. In sand, system stiffness increases with an increase 

in cyclic loading, whereas for rock, the system stiffness changes with an increase in the number of 

cycles Kunasegaram et al. (2020) Kunasegaram and Takemura (2022). This difference in 

behaviour between sand and rock can be attributed to the fact that in the sand, the surrounding soil 

densifies with an increase in the number of cycles, while in rock, residual displacement occurs at 
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the rock surface, creating a gap (accumulation of residual displacement) between the pile and rock, 

leading to the deterioration of confinement. For the 50g model, identical initial system stiffness 

was confirmed for dr/Φ=1.5 and 2, which decreased with an increase in the number of cycles. The 

system stiffness for dr/Φ=1 was less than that for dr/Φ=1.5 and 2. In the 1g model, a difference in 

the initial system stiffness was observed for different dr/Φ ratios. Therefore, the system stiffness 

was normalized by the initial stiffness to compare it with the 50g model test data. The trend of 

reduction in the system stiffness for dr/Φ=1.5 and 2 of the 1g model captured the 50g model test 

trend. For dr/Φ=1, the reduction in system stiffness was larger for the 1g model than for the 50g 

model. Comparing SP-SR-40-L with SP_SR_40#, the observed system stiffness was larger for a 

short loading height than for a large loading height. For SP-SR-40-L, due to the small loading 

height, the corresponding moment load became smaller, leading to small rotation at the pile top, 

causing small displacement and, thus, a larger stiffness ratio than for the large loading height 

SP_SR_40#. Comparing SP-SR-60 with SP-SR-60-fill, as the accumulation of residual 

displacement is larger for SP-SR-60-fill than SP-SR-60, the change in system stiffness is larger for 

SP-SR-60-fill than SP-SR-60. 

 

3.5 Summary: 

Based on the test conditions, observation, results and discussions presented in this chapter, the 

following conclusion can be drawn: 

1. Based on the steel tubular pile with diameter Φ=40mm and thickness t=0.5mm (Φ/t=80), 

the actual yielding of the pile occurs around 65%of the theoretical yielding moment. In 

ultimate condition, failure occurs by creating elephant-footed buckling near the support. 

This failure mechanism is mostly affected by the socketing condition (solid or hollow). 

2. As nonlinear strain occurs around 65% of the theoretical yielding moment, the application 

of Euler-Bernoulli theorem can be reasonably applied up to this limit. Beyond that, the 

application of the Euler-Bernoulli theorem can overestimate the bending moment. 

3. The application of shear strain measurement can be reasonably applied up to an applied 

load of 400N in the model scale. However, extra care should be taken to accurately put the 

strain gauge on the pile. 

4. The lateral resistance of the pile increases with the increase of rock socketing depth, which 

can be effectively captured by both the 50g and 1g model tests. Both models show the 

effect of ∆dr/Φ=0.5. However, the 1g model underestimates the lateral resistance of the pile 

compared to the 50g model, especially after the formation of tension cracks near the rock 

surface. This kind of tension crack formation in the 1g model test can be considered a 

limitation. 

5. The failure mechanism affects the load-displacement behaviour, especially the post-peak 

behaviour for both the 50g and 1g models. Both ground and structural failure were 

observed in the 50g model test for dr/Φ=2, but the 1g model always showed ground failure. 
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6. No effect of confining pressure or rock socketing depth can be confirmed up to δt=1%Φ 

for dr/Φ=1.5 and 2 in the 50g model test. However, in the 1g model test, this behaviour is 

limited to δt=0.5% Φ. For dr/Φ=1, due to the rigid nature of the pile, no effect of material 

weight or gravity can be expected. 

7. With an increase in loading cycles, residual displacement occurs with a reduction in system 

stiffness. This observation is confirmed in both the 1g and 50g model tests. The 1g model 

overestimates the accumulation of residual displacement and underestimates the system 

stiffness, particularly for dr/Φ=1. 

8. The effect of loading height and moment load on the load-displacement behaviour can be 

confirmed. The lateral resistance of the pile increases with a decrease in the loading height 

or the corresponding moment load. However, the rigid nature of the pile can affect the 

moment load-rotation relationship. 

9. No significant effect of the filling conditions on the lateral resistance of the pile can be 

confirmed unless the relative stiffness changes significantly. 
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Chapter 4 

Lateral response of large diameter Cantilever type Steel Tubular Pile wall 

embedded in soft rock subjected to one-way cyclic loading 

4.1 Introduction: 

The analysis of piles under lateral loading is a complex problem in foundation engineering due to 

the soil-structure interaction involved. Analyzing a single pile under lateral loading is challenging 

because the pile's deflection influences the soil reaction or resistance along the pile. Conversely, 

the pile's deflection depends on the soil resistance, creating a soil-structure interaction problem. 

For various loading conditions on complicated structures like CSTP walls, the soil-wall interaction 

problem becomes more complex. Therefore, a straightforward approach is needed to simplify this 

intricate situation.  

This chapter aims to study the load resistance curve concept to understand the retaining wall's soil-

structure interaction behaviour. A design p-y curve recommended by JARA (2017) is studied in 

this chapter. Centrifuge model test with clear loading condition is used to study this p-y curve. 

FEM analysis is also carried out to discuss the possible effect of the container boundary on the 

lateral resistance of the centrifuge model test by Plaxis 2D analysis. Finally, the analytical tool 

named "Lpile (version 2022.12.06)" by Ensoft is used to conduct the p-y analysis.  

 

4.2 Centrifuge test used to investigate the bilinear p-y curve: 

Chapter 5 examined the CSTP wall model with complicated loading (sequential dynamic and static 

loading) conditions. However, due to the challenges involved with such complicated loading and 

the associated time and cost of conducting sophisticated investigations, a simplified lateral loading 

approach was adopted for studying the CSTP wall behaviour using a centrifuge. One major 

advantage of this approach is the simplicity of the loading mechanism, allowing for accurate 

estimation of lateral and moment loads, unlike the more complex estimation methods related to 

the CSTP wall model in Chapter 5. Additionally, one-way horizontal cyclic loading was employed, 

which represents a typical loading condition for actual retaining walls. However, it is important to 

note that this modelling concept does not account for the contribution of confining pressures from 

the backfill of the retaining wall. Nonetheless, the purpose of using this centrifuge model is to 

establish a suitable p-y curve to represent the soft rock ground in the model, which can be used in 

the CSTP wall model explained in Chapter 5. 

 

4.2.1 Model and test conditions  

Figure 4.1 shows the 2D view of the centrifuge model. The test was conducted under 50g 

centrifugal acceleration. A model container with inner dimensions of 700 mm in width, 150 mm 

in breadth, and 500 mm in depth was utilized for the modelling process. A thick acrylic plate stack 

was tightly inserted into the container to achieve the desired depth, reducing the depth to 200 mm 
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for the single rock layer model. Additionally, a 20 mm acrylic plate was added to the inner rear 

face of the container to decrease the breadth to 130 mm. This adjustment aimed to simulate the 

plane strain conditions experienced by the steel tubular pile walls. 

The wall model used steel pipes (SUS304) with an outer diameter of Φ=40mm and a thickness of 

t=0.5mm. The steel tubular pipe wall models consisted of three steel pipes securely fixed at the 

top by an aluminium block, as depicted in Figure 4.2. Two wall models, with embedment depths 

of 6cm (3m in the prototype) and 8cm (4m in the prototype), were prepared, as shown in Figure 

4.2 (a), prior to the installation of strain gauges. A rigid aluminium cap was attached at the top of 

each pile to represent the socketing solid portion, extending 40mm (in the model) below the 

loading point. In the model wall, a 3mm gap was maintained between the piles to simulate real-

life conditions, where an unavoidable gap of 0.18m exists between the piles due to limitations in 

pile installation machines. In the centrifuge model, this gap represents 0.15m in the prototype, 

corresponding to the 50g model, due to the constraints of the model container. The model piles 

were fixed to the top loading frame, as shown in Figure 4.2 (b), using six bolts, with two bolts 

passing through the solid cap of the middle pile. After securing all three piles to the top loading 

frame, additional stability between the piles and the loading frame was achieved by applying 

Scotch glue. Subsequently, strain gauges were installed to measure bending strains in the 

embedded zone and axial strains at the bottom tip of the walls, as depicted in Figure 4.2 (c). 

 

 

Figure 4.1: 2D view of the model conditions. 
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Figure 4.2: Model CSTP wall (a) two model CSTP wall before strain gauge attachment (b) CSTP 

wall model with strain gauge attachment (c) arrangement of the strain gauges on the wall. 
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vertically inserted into the unsolidified mixture using a pile guide, reaching the desired embedment 

depth. The mixture was then left to cure for 14 days. Table 4.1 summarizes the test conditions. 

Two LDTs and a load cell were used to measure the wall displacement and the load. A one-way 

horizontal cyclic loading was applied to each model until the ultimate condition (structural or 

ground failure) occurred. More details about the centrifuge test condition and model preparation 

were reported by Kunasegaram et al. (2020). 

Table 4.1: Model and test conditions 

Structure and 

embedment 

medium 

Properties of soft 

rock and sand 

Wall embedment 

depth into S.R.: dR   

[normalized depth: 

βdR ]*   

STP Wall spec.  

[model scale] 

Model-6 

RPW_SR_3m γt=20.1kN/m3 

qu=1.4MPa 

ES=660MPa 

3m (60 mm) [1.2]  
Φ=2 m (40 mm), t = 25 mm (0.5mm) 

C.C. Spacing: 2.15m (43mm)  

EI= 6.8 GNm2/m (5.4x10-5GNm2/m) 

My= 9.0 MNm/m (3.6x10-3 MNm/m) 

Mp=11.6 MNm/m (4.6x10-3 MNm/m) 

Model-6 

RPW_SR_4m 
4m (80 mm) [1.6] 

E.I.: Pile flexural rigidity, My: Bend moment causing pile yielding, Mp: bending moment causing 

pile plastic failure,  

β was evaluated Es=660MPa, kh=4Es (B/0.3)-3/4  (B=Φ for pile, B=10m for wall) 

 

4.2.2 Observed results from the centrifuge test 

In order to define the p-y curve, two important information are required. First, the load-

displacement behaviour at specific locations and the failure mechanism. The direct measurement 

of the load displacement can be used to validate the selected p-y curve. The failure condition can 

provide an idea about selecting the ultimate lateral resistance.  

Figure 4.3 displays the relationship between observed lateral load and wall top displacement (PL-

δt). Additionally, the figure presents the backbone curve derived from the PL-δt relationship. It was 

observed that an increase in embedment depth resulted in higher lateral resistance of the wall. 

Moreover, as the number of cycles increased, residual displacement occurred. No significant effect 

of embedment depth was observed until δt reached 1%Φ (0.02mm). This observation can be 

attributed to the similar stress-strain relationship at small strain levels, regardless of the different 

confining pressures, as illustrated in Figure 3.22.  

At wall top displacement around 0.3m, a sudden reduction in the lateral resistance was observed 

for both embedment depth conditions. To investigate this sudden drop in lateral resistance, the 

tensile and compressive strain measured at the pile toe is plotted against the normalized wall top 

displacement in Figure 4.4. The tensile strain was measured in the loading direction, and the 

compressive strain was measured in the opposite direction. At the wall top displacement of around 

15%Φ, the tensile strain decreased, indicating the possible progressive failure initiation. Although 
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the tensile strain decreased, the compressive strain showed increasing trends until the ultimate 

condition was reached, especially for dr=4m, which could explain the increase in the further lateral 

resistance. 

 

 

Figure 4.3: Variation of lateral load with the wall top displacement. 

 

Figure 4.5 shows the wall and ground condition after the test. Two types of failure were observed 

for both 3m and 4m embedment depth. In both cases, apparent wedge-type failure was observed 
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Figure 4.4: Variation of tensile strain, compressive strain at wall toe and lateral load at wall top 

with normalized wall top displacement. 

 

 

Figure 4.5: Observed failure mechanism. 
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Therefore, to use the load-displacement measurement to validate the selected p-y curve, the effect 

of the container wall on the load-displacement should be checked. A simple numerical analysis by 

Plaxis 2D was conducted and reported in the following section to investigate the effect of the 

container wall on the load-displacement behaviour. 

 

4.3 Investigation of the effect of container wall on the load-displacement behaviour by 

Numerical modelling 

The modeling concept used in Plaxis 2D is depicted in Figure 4.6. Based on Figure 4.1, the distance 

from the wall to the container back was denoted by x1. At the front, half the distance between two 

walls was considered and denoted by x2. Two boundary conditions were assumed and denoted by 

B1 and B2. The horizontal movement was fixed, and the vertical movement was allowed for the 

boundary (B1). On the other hand, in the case of the bottom boundary, both horizontal and vertical 

movements were considered fixed. Two models were made by changing the x1 and x2, as mentioned 

in Figure 4.6.  

 

Figure 4.6: Plaxis model conditions. 

 

In this Plaxis model, the wall was designed as a plate. The mechanical properties of the plate are 

shown in Table 4.2.  

13 or 10m
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Boundary condition
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Table 4.2: Properties of 2D plate used in the numerical model 

Properties Unit Value 

Axial stiffness, EA
1
 kN/m 200x10

6 

Bending stiffness, E.I. kN/m 6.8x10
6 

Poisson's ratio,𝜗 - 0.3 

Plate thickness, d m 0.6387 

Unit weight, 𝛾 kN/m
3 78.4 

w=𝛾xd kN/m/m 50.1 

The plate material was assumed 'elastic'. Also, the punching was prevented in the model. 
 

Table 4.3: Properties of soil used in the numerical model 

Properties Unit Value 

Unsaturated unit weight, 𝛾𝑢𝑛𝑠𝑎𝑡 kN/m3 16.8 

Saturated unit weight 𝛾𝑠𝑎𝑡 kN/m3 20.1 

Elastic modulus, E kN/m2 2000 MPa 

Poisson's ratio, 𝜗 - 0.2 

Cohesion, C kN/m2 330 

Angle of internal friction, ∮  o 31 

Interface strength, Rinter - Rigid:1 

Manual:0.3 

 

The ground was modelled as the Mohr-coulomb model, where perfectly elastic and plastic spring 

conditions were considered. The mechanical properties of the model ground are shown in Table 

4.3. The mechanical properties were determined based on Figure 3.22. The initial stiffness of the 

rock mass was assumed to be 2000MPa. Two soil-plate interphase conditions were assumed to 

investigate the soil-plate interaction on the lateral resistance. At first, it was assumed to be full 

mobilization of soil wall friction by assuming Rinter=1 (Rigid). Next, the Rinter was reduced by 70% 

to check the effect of reduced interface strength on lateral resistance. Also, the gaping between the 

wall and soil was considered by activating the "Tension cut-off". However, program-generated 

values were used in that case. 

Point load was applied at the wall top as loading. The range of displacement was from 0-150mm, 

with 10mm increments up to 150mm (7.5%Φ). 
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Figure 4.7 illustrates the distribution of principal total stress (σ1) in the ground for imposed wall 

top displacement of δt=7.5%Φ. At imposed displacement (δt=7.5%Φ), stress concentration occurs 

in the shallow rock layer in front of the wall, which can be confirmed in both Rinter conditions. 

Also, as the displacement increases, the wall begins to rotate about a pivotal point, increasing σ1 

at the front and back (near the wall toe). This stress profile supports the failure mechanism 

observed in Figure 4.5, where the high-stress concentration at the front causes compressive failure, 

and the large backward stress concentration at the wall toe causes wedge-type failure in the 

ultimate condition.  

Overall, all the stress profiles indicated that the stress profile did not reach the back of the container 

for different model dimensions (except Figure 4.7 (c)). Also, comparing the stress plane observed 

at the back side from 3m and 4m embedment depth, the zone of influence is larger for the 4m 

embedment depth than the 3m embedment depth. Therefore, the effect of the container back wall 

on the lateral resistance could be more significant for the 4m embedment depth than for a 3m 

embedment depth. This could be the reason behind the increase in the lateral resistance after a 

sudden drop of lateral resistance at δt about 15%Φ, as observed in Figures 4.3 and 4.4. 

Figure 4.8 displays the load-displacement curve obtained from two models for different Rinter 

conditions. It was observed that a larger Rinter value provided larger lateral resistance. Also, the 

difference between the load-displacement curve for two container dimensions becomes smaller for 

larger Rinter values. Overall, increasing the model dimension by twice the centrifuge model 

condition resulted in about a 4-5% difference in the lateral resistance. Therefore, based on the 

results shown in Figures 4.7 and 4.8, the effect of the side wall of the container could be ignored. 

Before comparing the numerical model with the centrifuge test result, two points are needed to be 

considered. First, the Mohr-Coulomb (MC) model was assumed in the numerical model. Due to 

this, the MC model will overestimate the strength at a stress level of less than 50% of ultimate 

strength and underestimate the strength beyond that. Also, the centrifuge test result was obtained 

from one-way horizontal loading. On the other hand, in numerical modelling, monotonic loading 

was applied.  

The load-displacement curve obtained from the numerical modelling is compared with the 

centrifuge model test in Figure 4.9. The load-displacement curve observed at small imposed 

displacement is shown in Figure 4.9 (b). It was observed that small interface strength 

underestimates the initial stiffness more than larger interface strength.  

In the centrifuge test result, no visible effect of embedment depth was observed at an imposed 

displacement of δt=1%Φ. This observation could be interpreted as the stiffness of the soft rock 

from the centrifuge model being much larger, which caused the reduction of the required dr 

obtained from Equation 2.19 to less than 3m. Therefore, 3m and 4m embedded walls behave as 

long piles, and the displacement becomes proportional to the load. From Figure 4.9, it can also be 

said that small interface strength in the ultimate condition provides better agreement, which 

indicates a small effect of skin friction on the ultimate lateral resistance of the pile. 
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Figure 4.7: Principal total stress variation with imposed displacement. 
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Figure 4.8: Comparison of variation of lateral load with wall top displacement from FEM analysis. 

 

 

Figure 4.9: Comparison of variation of lateral load with wall top displacement between FEM 

analysis and centrifuge model test. 
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4.4 Investigation of the effect of base shear on the lateral resistance of CSTP wall 

The pressure distribution diagram used to conduct the stability analysis for this retaining structure 

is shown in Figure 4.10. The factor of safety was calculated by the moment minimization technique, 

i.e., minimum ratio of Mr/Ma, where Ma is the acting moment due to pint load and the Mr is the 

resisting moment due to passive resistance about the pivotal point. The moment minimization was 

achieved by changing the location of the pivotal point. This stability analysis was done by 

considering 'with' and 'without' the effect of base shear.  

 

 

Figure 4.10: Pressure distribution diagram assumed for stability analysis of CSTP wall. 

 

Figure 4.11 illustrates the variation of the factor of safety with increasing lateral load for dr=3m 

and 4m under 'with' and 'without' base shear conditions. Also, the ultimate lateral resistance from 

the centrifuge test result (defined at 15%Φ) for dr=3m and 4m are indicated in this figure. The 

factor of safety decreased with the increase of the lateral load. A larger factor of safety can be 

observed for dr=4m than dr=3m. The factor of safety calculated at the ultimate lateral load from 

the centrifuge test is smaller than unity, which could cause catastrophic failure for both embedment 

depths, as shown in Figure 4.5. The base shear positively affects the factor of safety, i.e., a larger 

factor of safety if the base shear is mobilized. 

To further investigate the effect of embedment depth on the base shear, the variation of the factor 

of safety for PL=200 and 600 kN/m was calculated for dr=3m and 4m and presented in Figure 4.12. 

The sub-axis displays the ratio between the factor of safety 'with' and 'without' base shear. It is 

observed that increasing the embedment depth led to higher factors of safety. but the ratio between 

the factor of safety 'with' and 'without' base shear decreased with increasing embedment depth. 

This observation can be interpreted as; increasing the embedment depth causes the wall to behave 

more like a flexible wall with less translation and rotation, resulting in less effect of base shear. 

d
r

Loading height, 
hL=6.5m

Rock surface

Base shear

Lateral load, PL (kN/m)

Pivotal point

Factor of safety:
FS= Mr/Ma

Mr: Resisting moment about pivotal point
Ma: Acting moment about pivotal point



 

104 
 

However, as the embedment depth decreases, the effect of base shear increases; for example, 

decreasing the embedment depth from 4m to 3m caused the increase of the F.S. from 1.46 to 1.6. 

 

 

Figure 4.11: Variation of the factor of safety with the lateral load. 

 

Figure 4.12: Variation of the factor of safety with embedment depth for imposed lateral load of 

200 kN/m and 600 kN/m. 
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4.5 Study of bi-linear p-y curves to predict the lateral resistance behaviour of CSTP wall: 

4.5.1 Model condition and the assumed p-y curves 

Typically, the calculation of a steel tubular earth retaining wall involves the utilization of either 

the elastoplastic method or the dynamic analysis method, depending on the appropriateness of the 

simplified method. When employing the elastoplastic method, the horizontal ground reaction force 

model follows a bi-linear pattern, with the upper limit of the horizontal ground reaction force 

determined by the passive earth pressure. Within the elastoplastic method, plasticity progresses in 

the ground on the passive side, extending from the designed ground surface towards the pile tip. 

Consequently, the embedded length is determined to ensure the presence of at least an elastic zone 

in the ground at the tip of the embedded portion of the steel tubular earth retaining wall. In total, 

four models were developed to conduct the p-y analysis. Lpile software was used to conduct the 

analysis. 

Figure 4.13 shows the Lpile model conditions where a pile was socketed into a single ground layer. 

In this model, displacement was used as the input loading condition at a height of 6.5m from the 

ground surface. Mechanical properties of the pile and ground mentioned in Table 4.1 were used in 

the Lpile model simulation.   

 

Figure 4.13: Lpile model condition. 

 

Large diameter piles behave differently when the embedment length over diameter ratio is less 

than 3 (dr/Φ<3). In those cases, the wall tends to rotate and translate instead of the conventional 

bending of a long, slender pile, as shown in Figure 4.14 (a). In this simulation, considering the 

combination of lateral and base shear springs (Figure 4.14b), four models were developed to 

conduct the p-y analysis.  
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deformation of pile
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Figure 4.14: (a) effect of translation and rotation on the lateral response of large diameter pile (b) 

assumed condition in Lpile stimulation.  

 

Figure 4.15 shows the Model 1 p-y curve, which was based on the JARA (2017), where a bi-linear 

p-y curve is used with the ultimate resistance equal to Rankine, the passive earth pressure. The 

stiffness of the lateral spring was calculated based on Chang's method (Equation 2.17). The 

mechanical properties used to calculate the spring stiffness (kH) of the lateral spring are given in 

Table 4.4.  

 

Table 4.4: Parameters used to calculate horizontal subgrade modulus 

Parameters Unit Value 

Pile diameter, Φ m 2 

Flexural rigidity, E.I. kN-m2/m 6.8x106 

α - 4 

Deformation modulus, E
o
 [kN/m

2
] kPa 220000 

B
ref

 m 0.3 

B
H
 m 6.03 

 

Figure 4.16 shows the Model 2, which was based on two spring models, as shown in Figure 4.14(b). 

The lateral p-y curve (Figure 4.16a) was similar to Model 1. A bi-linear p-y curve was assumed to 

define the base shear p-y curve, where the ultimate resistance was defined as pult= cu. Based on 

Lateral load

① Lateral spring

(a) (b)



 

107 
 

JARA (2017), in the design of a deep foundation, the spring stiffness assumed for the skin friction 

is 30% of lateral spring stiffness. A similar assumption was made for the stiffness of the base shear 

spring. However, this assumption could overestimate the stiffness as the design guideline was 

given for concrete caisson foundations, where the base of the foundation was different from the 

model condition, as shown in Appendix 4.1.  

 

Figure 4.15: Model 1 p-y curve. 

 

Figure 4.16: Model 2 p-y curve (a) lateral (b) base shear. 

 

To predict this centrifuge model, two more p-y models were developed. Figure 4.17 shows the 

Model 3 p-y curve. Based on the laboratory direct shear testing and the numerical simulation, the 

peak shear displacement varies within 0.5-10mm depending on factors like confining pressure, 

normal stress, testing procedure etc. (Bardanis, 2024; Bahaaddini & Hebblewhite, 2013). 

Therefore, in Model 3 (Figure 4.14), the stiffness of the base shear p-y curve was assumed to be 

1.5 times the lateral spring stiffness to obtain a shear displacement of about 1.5mm (Table 4.5). 
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Figure 4.17: Model 3 p-y curve (a) lateral (b) base shear. 

 

Figure 18 shows the Model 4 p-y curve. In Model 4, the slope of the lateral p-y curve was 

calculated based on the material properties. The ultimate lateral resistance was the same as JARA 

(2017) recommendation. The maximum deflection (yc) required to reach the ultimate condition 

was assumed to be the same as yrm given in Equation 2.41, where yrm = εrm.Φ. The εrm value was 

the same as εs_50 reported by Kunasegaram and Takemura (2021). The slope of the p-y curve is 

then obtained by dividing the pult/yrm. In the case of base shear (Figure 4.15b), the slope of the p-

y curve was assumed to be similar to the slope of the lateral p-y curve. Finally, the calculated 

spring stiffness (kH), ultimate resistance (pult) and maximum deflection (yc) for all four models are 

reported in Table 4.5 

 

 

Figure 4.18: Model 4 p-y curve (a) lateral (b) base shear. 
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Table 4.5: List of spring stiffness (kH), ultimate resistance (pult) and critical deflection (yc) of 

model 1, 2, 3 and 4 

Model no. 
Lateral spring Base shear spring 

kH (kN/m3) pult (kN/m2) yc (m) kH (kN/m3) pult (kN/m2) yc (m) 

Model 1 310162 1400 0.00451  x x x 

Model 2 310162 1400 0.00451  103387 700 0.00677  

Model 3 310162 1400 0.00451  465243 700 0.00150  

Model 4 700000 1400 0.002 700000 700 0.001 

 

4.5.2 Results and Discussions:  

The results (bending moment, shear force, wall deflection, soil reaction) from the p-y analysis at 

an imposed displacement of 1%Φ are shown in Figure 4.19. The bending moment and shear force 

were larger for Model 4 than Model 3 than Model 2 than Model 1(Figure 4.19a&b). For Model 1, 

there was no base shear. However, for models 2-4, the base shear increases with the increase of 

base shear p-y curve stiffness (Figure 4.19b, Table 4.5). On the other hand, the base shear 

displacement decreases with the increase of base shear p-y curve stiffness (Figure 4.19c Table 4.5). 

Furthermore, the base shear displacement is larger for smaller embedment depths than for larger 

embedment depths. Although the base shear displacement is smaller for Model 4 than Models 2 

and 3, yielding of the shallow rock layer occurs earlier for Model 4 than for Models 2 and 3 (Figure 

4.19d). 

The observed load-displacement curve from the centrifuge test is compared with the p-y analysis 

in Figure 4.20. Also, a close view of the load-displacement curve at a small imposed displacement 

(20mm, i.e. 1%Φ) is shown in Figure 4.20b. In the centrifuge model test, a sudden drop in the 

load-displacement curve is observed around 300 mm of wall top displacement for dr=3.0m and 

4.0m, possibly due to the crack formation. After that, the load-displacement curve for dr=3.0m 

remains almost constant, but a gradual increase is observed for dr=4.0m. This gradual increase for 

dr=4.0m could be due to the side wall effect, as the backward wedge reaches the container side 

wall (Figure 4.5). This effect of the side wall on the lateral displacement for dr=4.0m is also 

confirmed by the FEM analysis. 

The lateral resistance of the wall increased with the embedment depth, which can also be confirmed 

by the p-y analysis. Also, the ultimate lateral resistance increased due to the base shear resistance. 

The ultimate lateral resistance predicted by the p-y analysis is smaller than the centrifuge model 

test, especially without base shear conditions (Model 1). Comparing Model 2 with Model 3, Model 

3 reaches the ultimate condition at a smaller imposed displacement than Model 2. At small imposed 

displacement (20mm=1.0%Φ), the slope of the load-displacement curve is underestimated by 

Model 1,2&3. A non-linear load-displacement relationship can be seen in the centrifuge model test 
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even at small imposed displacement, which the bilinear p-y curve failed to predict. Model 2 

underestimates the load-displacement curve at an imposed displacement of about 80mm (4%Φ) 

but overestimates at an imposed displacement of 4-10%Φ. The overestimation could be considered 

as the limitation of the bilinear p-y curve. On the other hand, for dr=3.0m, Model 2 underestimates 

the load-displacement curve compared to the centrifuge. Overall, it can be said that at small to 

large imposed displacement, Model 2 could predict the centrifuge load-displacement curve with a 

reasonable safety margin compared to other models. However, a non-linear p-y curve might be 

more suitable to predict the non-linear load-displacement relationship at small imposed 

displacement. 

Model 4 can predict the load-displacement relation from the centrifuge with some accuracy. The 

secant stiffness (denoted as Eo) is back-calculated, about 2.25 times larger than the value presented 

in Table 4.4. The variation of β and 3/β with the pile diameter for wall and pile are shown in Figure 

4.21. The β and 3/β are calculated based on Equations 2.20 and 2.19. Also, the β and 3/β calculated 

for Model 4 are shown in this figure. For Model 4, the β value increases more than the design 

condition, which reduces the required embedment depth (3/β) for Φ=2 by about 30%. However, 

there are some uncertainties in the centrifuge load-displacement curve, especially at the small 

strain level, which could underestimate the initial stiffness of the load-displacement curve. 

Therefore, the initial stiffness could be even larger than Model 4, reducing the required embedment 

depth to less than 3m. This observation could explain the no embedment effect up to δt=1%Φ, as 

shown in Figure 4.20b, as both walls behave as flexible walls.  

 

Figure 4.19: Observed results from p-y analysis at δt=1%Φ (a) bending moment (b) shear force (c) 

wall deflection (d) soil reaction. 
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Figure 4.20: Variation of lateral load with wall top displacement from centrifuge test and p-y 

analysis. 

 

Figure 4.21: Variation of β and 3/β value with pile diameter. 

 

To discuss the effect of base shear resistance to the lateral resistance of the wall, Model 2 is 

compared with Model 3. Both models have a p-y curve with similar lateral stiffness but different 

base shear stiffness. The ratio of lateral resistance of Model 2 and 3 to Model 1 is plotted to the 

wall top displacement in Figure 4.22. Larger lateral resistance is observed for Model 3 than Model 

2, with a larger ratio obtained for dr=3m than 4m. Constant ratio is observed up to δt/H about 0.6% 

for both models. After this, a different trend is observed between Models 2 and 3, i.e., a decreasing 

trend in Model 3 but an increasing trend in Model 2. This behaviour could be due to less hardening 

in the load-displacement curve for Model 3 compared to Model 2 (Figure 4.20b). Although the 

ultimate lateral resistance is similar between Models 2 and 3, the p-y curve with a larger base shear 

stiffness (Model 3) will reach the ultimate condition at a very small imposed displacement 

compared to the p-y curve with a small base shear stiffness (Model 2).   
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Figure 4.22: Effect of base shear stiffness on the lateral resistance of the wall. 

 

Figure 4.23: Variation of base shear and base displacement with lateral load (a,b) base shear (c,d) 

base displacement. 
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To discuss the effect of embedment depth on the base shear, the normalized base shear stress and 

base displacement are plotted against the lateral load in Figure 4.23. The shear stress is calculated 

by dividing the base shear by the pile area. In the ultimate condition, 50% of undrained cohesion 

(cu) is mobilized at the base (Figure 4.23a). Different trends can be observed between Models 2 

and 3. In the base shear stress-lateral load curve, more hardening can be observed for Model 2 than 

3, with more nonlinearity for the larger embedment depth than the smaller embedment depth 

(Figure 4.23a). The contribution of the base shear in Model 3 is almost linear to the lateral load. 

At a certain lateral load, the mobilized base shear is larger for dr=3m than dr=4m (Figure 4.23b). 

As the embedment depth decreased, the base displacement increased because of translation and 

rotation of the wall, which caused a larger mobilization of the base shear (Figure 4.23c&d). 

The following chapter will use the bi-linear p-y curve (Model 1) without the base shear 

recommended by the JARA (2017) to predict the residual wall displacement. Based on the p-y 

analysis, it can be said that two springs model (i.e., lateral spring recommended by the JARA 

(2017) and base shear spring with stiffness 1/3 of the lateral spring recommended for caisson type 

foundation by JARA (2017) ) Model 2, could predict the centrifuge load-displacement relationship 

at small to large imposed displacement reasonably. Therefore, this p-y curve will also be used to 

predict the residual wall displacement. 

 

4.6 Summary: 

Based on the result and discussions from this chapter, the following conclusion could be derived: 

• Based on the numerical analysis conducted for the centrifuge model test, no significant 

effect of the container wall was observed on the load-displacement behaviour by further 

increasing the container width, especially for dr/Φ =1.5. The effect varies about 4-5% on 

the load-displacement behaviour. However, certain effects from the back wall could be 

expected for larger embedment depth dr/Φ =2.0. 

• The base shear positively contributes to the stability of the large-diameter CSTP wall. The 

contribution is larger for smaller embedment depth conditions than for larger embedment 

depth conditions. 

• For the bi-linear p-y method, bi-linear P-y curve without base shear recommended by 

JARA (2017) could be more conservative for predicting the load-displacement relationship 

of large-diameter piles embedded in the stiff ground than the model with base shear spring. 

Two springs model, where the lateral spring is defined by the JARA (2017) and a base 

shear spring with stiffness 1/3 of the lateral spring recommended for caisson type 

foundation by JARA (2017), could predict the load-displacement curve at small to large 

imposed displacement (<10.0%Φ) reasonably in the conservative side, especially for the 

small loading level.  . However, a more sophisticated non-linear p-y curve might be suitable 

to predict the non-linear load-displacement relationship at small imposed displacement 

(<1.0%Φ). 

• The contribution of base shear resistance to the lateral resistance of the pile depends on the 

base shear p-y curve stiffness. Larger base shear stiffness (Model 3) could provide larger 
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base shear resistance. However, the yielding might occur at a very small imposed 

displacement or lateral load.  

• Different trends can be expected based on the base shear p-y curve stiffness. A non-linear 

relationship could be expected in the lateral load-base shear curve for the base shear p-y 

curve with smaller stiffness (Model 2) but almost linear for larger stiffness (Model 3). More 

hardening can be expected in the trend for smaller stiffness than larger stiffness based on 

the embedment depth (more hardening for larger embedment depth than the smaller 

embedment depth). Therefore, smaller stiffness could contribute less to the lateral 

resistance but prevent the quick occurrence of the ultimate condition. 
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Chapter 5 
Centrifuge modelling of large diameter Cantilever type Steel Tubular Pile wall  

wall embedded in soft rock subjected to sequential dynamic and static loadings 
5.1 Introduction 

In this chapter, the behaviour of a CSTP wall embedded in different ground conditions and 

subjected to various loadings is studied through centrifuge modelling. The preparation of the 

centrifuge model and the associated challenges are detailed in this chapter. Additionally, the p-y 

curves discussed in Chapter 4 are employed to predict the wall behaviour after complex loading is 

applied to the CSTP wall. Finally, this chapter concludes with some appraisal of potential 

enhancements to the current design method. 

 

5.2 Modeling concept 

The centrifuge model wall was designed to represent a permanent CSTP wall, as shown in Figure 

1.3. This type of wall will be subjected to various loadings in its service period after construction, 

such as earthquakes and build-up water levels in the retained soil, which might cause excessive 

wall deformation, even catastrophic failure of the retaining structure (Day, 1997; D'Andrea and 

Day, 1998). In the centrifuge model of embedded CSTP wall in soft rock, a series of dynamic 

loadings were first applied in dry retained sand conditions. Then, a static loading was simulated 

by raising the groundwater height in the retained sand. Furthermore, dynamic loadings were 

applied in the wet sand conditions. Also, the loading sequence was changed where the water level 

was increased on the retained side without any prior dynamic loading, and then the dynamic 

loading was applied.  

From the observation of the wall and retained sand behaviour, the interaction between the retained 

soil and the large diameter CSTP wall embedded in soft rock could be examined not only during 

loadings but also after loadings.  

 

5.3 Model preparation and loading conditions 

5.3.1 Model preparation: 

The experiment was conducted using a TIT Mark III geotechnical centrifuge (Takemura et al., 

1999) with a centrifugal acceleration of 50g. The setup of the centrifuge model is depicted in 

Figure 5.1. The model was prepared in a model container with internal dimensions of 600mm in 

length, 250mm in width, and 400mm in depth, as illustrated in Figure 5.2a&b. The container 

consisted of a removable rear-side aluminium wall and a front-side transparent acrylic wall, both 

bolted to the main container body to create a rigid box. To accommodate the model CSTP wall, a 

33mm acrylic plate (shown in Figure 5.2c) was fixed to the back wall, reducing the container width, 

as depicted in Figure 5.3a. 
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Figure 5.1: 2D view of the model setup (a) Case 1 (b) Case 3 (c) Case 6 (d) Case 4 (e) Case 5. 
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Figure 5.2: Model container used (a) front view (b) top view (c) acrylic plate attached to the 

container back wall to reduce the container width. 
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A pile cap, made from a solid circular aluminium bar (refer to Figure 5.3b), was tightly attached 

to the pile head. The length of each pile, including the pile cap, was 300mm and 290mm for the 

single rock layer model. In the case of rock with an overlaying sand layer, the pile length was 

300mm (for ds=10mm) and 310mm (for ds=20mm), including the pile cap. After fixing the pile 

cap, strain gauges were applied to the piles using epoxy resin coating at the specified locations 

shown in Figures 5.4 and 5.5 for the single rock layer model and the model with an overlaying 

sand layer, respectively. Once the resin coating solidified, the five piles were secured at the top 

using the pile holder, as depicted in Figure 5.3a. 

 

 

Figure 5.3: (a) Pile holder (b) pile cap used to attach at the top (c) location of L-angle and acrylic 

bar. 
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Figure 5.4: Strain gauges location in single rock layer model. 

 

Figure 5.5: Strain gauges location in rock with overlaying sand layer model. 
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5.1, following the methods described by Kunasegaram et al. (2015) and Kunasegaram and 

Takemura (2021). 
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polytetrafluoroethylene (PTFE) sheets were pasted to the front and rear internal walls of the 

container. These sheets were lubricated with silicone grease to facilitate the detachment of the 
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compaction process ensured the desired density was achieved up to 140-150mm depth for the 

single rock layer, as depicted in Figure 5.1a-c. For the rock with an overlaying sand layer, the rock 
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Figure 5.1d-e. Additionally, ten mould samples with a diameter of 50mm and a height of 100mm 

were prepared from the same rock mixture for the unconfined compression test. The entire 

compaction process and mould sample preparation were completed within 1.5 hours before the 

cement solidified. Immediately after compaction, the model CSTP wall was vertically inserted into 

the unsolidified ground at the centre of the container, ensuring that the rock material fully 

surrounded the piles up to the rock surface. Once inserted, the wall was securely fixed in an upright 

position using a guide plate. The exposed surface of the unsolidified soft rock material was then 

covered with wet towels and kept at room temperature for curing. 

 

Table 5.1: Physical properties of model soft rock 

Property Value 

Water/Cement ratio 395 (%) 

Clay: Sand ratio 30:70 

Cement/Sand ratio 5.7 (%) 

Water/solid ratio 21.5 (%) 

Bulk density 2060 kg/m3 

Dry density 1715 kg/m3 

 

On the 10th day of the curing period, the rear wall of the container was removed, and a new PTFE 

sheet was greased and placed on the wall. The wall was then reattached to the container. 

Subsequently, the front wall of the container was also removed, and 5 mm square grids were drawn 

on the front surface of the rock to visualize ground deformation (Figure 5.6a). L-angle aluminium 

bars were affixed to the gaps between the piles and the front wall, while triangular-shaped acrylic 

bars were attached to the gaps between the piles and the rear wall (Figures 5.3a&c and 5.6b). These 

gaps were sealed using silicon rubber (Figure 5.6c). The PTFE sheet that was originally attached 

to the acrylic plate on the front wall of the container was removed to provide transparency in the 

front view of the model (Figure 5.6b). However, before reattaching the front wall, the acrylic plate 

was coated with grease.  



 

121 
 

 

Figure 5.6: (a) 5x5 mm mesh drawn on rock surface for image analysis (b) Model CSTP wall in a 

rigid container and socketed into the artificial soft rock (c) Gap between the piles filled with silicon 

rubber. 
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Figures 5.4 and 5.5). Euler-Bernoulli beam theory was employed in this study to convert bending 

strain to bending moment. The water pressures, measured by Pore Pressure Transducers (PPTs) 

installed at different depths, were used to estimate the water level in the backfill. All tests were 

conducted on the 14th day of curing. Figure 5.8 shows a photograph of the container mounted on 

the Tokyo Tech Mark III centrifuge just before starting the centrifuge spinning. 

 

 

Figure 5.7 (a) rubber bag without bottom rough surface (b) carbon fibre used at the bottom of the 

rubber bag (c) adhesive used to prepare the rubber bag (d) rubber bag with sand attached at the 

bottom. 

(a) (b)

(c) (d)
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Figure 5.8: Model container mounted on the centrifuge platform just before the test. 
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The mechanical properties of the model soft rock ground were determined through unconfined 

compressive strength tests (UCT), the results of which are presented in Figure 5.9. Two types of 

strain measurement were conducted: (1) using a dial gauge and (2) utilizing strain gauges. Prior to 

the test, two transverse and longitudinal strain gauges were affixed to the moulded sample. Figure 

5.9a illustrates the unconfined compressive strength test results based on strain measurements 

obtained from both the dial gauge and longitudinal strain gauge. It was observed that the strain 

measured by the strain gauge was smaller than that obtained from the dial gauge. The unconfined 

compressive strength (qu) and secant stiffness (E50) of the model soft rock were calculated and 

compared with the results reported by Kunasegaram and Takemura in 2021, as depicted in Figure 

5.9b. A wide variation was observed in the relationship between qu and E50. The measured qu and 

E50 values of the model soft rock are provided in Table 5.2. Overall, the strength and stiffness 

measurements obtained through the strain gauges were found to be 2-3 times larger than those 

obtained through the dial gauges. Kunasegaram and Takemura proposed qu = 1.4 MPa and E50 = 

660 MPa as the mechanical properties of this artificial soft rock. These proposed values were 

subsequently utilized for conducting the stability analysis of the wall model.  

 

 

Figure 5.9 Mechanical properties of model soft rock (a) stress-strain relationship form UCT test 

(b) variation of E50 with the qu. 

 

The pressure diagram employed for the stability analysis is presented in Figure 5.10. The pressure 

distribution diagram was adapted from the pressure distribution provided for clay soil by 

Madabhushi and Chandrasekaran (2005). The following conditions were assumed for the 

modification of the pressure diagram: (i) the backfill material is cohesionless, (ii) the rock is treated 

as a cohesive material with zero friction angle (∮' = 0°), and (iii) due to the high undrained shear 
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Figure 5.10: Assumed pressure distribution diagram for stability analysis.  
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The factor of safety is defined as the ratio of the resisting moment (Mr) to the disturbing moment 

(Ma). The resisting moment was computed based on the passive pressure, while the disturbing 

moment was determined using the active pressure diagram. Furthermore, the calculation of the 

factor of safety considered the presence or absence of base shear effects. By increasing the active 

pressure, which was achieved by raising the water level on the retained side, the factor of safety 

was evaluated, and the results are presented in Figure 4.11. It was observed that the factor of safety 

decreases with an increase in the water level. This figure also demonstrates the influence of the 

embedment depth on the CSTP wall's stability; a greater embedment depth corresponds to a higher 

factor of safety. Increasing the rock embedment depth by 0.5m resulted in an approximately 30% 

increase in the factor of safety. Additionally, it was noted that the factor of safety obtained for the 

design-recommended embedment depth yielded unrealistic values. Moreover, the inclusion of base 

shear effects contributed to an additional factor of safety (approximately 30% increase at hw=0m) 

compared to the case without base shear effects. 

  

Table 5.2. Test conditions and material properties of single rock layer Cases 

Test  
code 

Embedment soft 

rock and backfill 

sand 

Rock socket depth: d
r
 ( )

$
, 

[βd
r
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w
(m): WR1; h

w
:WR2} 
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w
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Wall/Pile Properties   
Φ, t, EI, M

y
  

(  )
$ 

Case 1 
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Toyoura sand: 
(Dr=85%): 
γ

d
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3 

∮’=42
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Soft rock: 
γ
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q

u
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q
u
=1.6MPa (C3) 

q
u
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E
s
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E
s
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E
s
=746MPa (C6) 

3.0m (60 mm)
 
[1.2]  

{9.6;10.9}  
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Φ=2m (40 mm)
 
  

t= 25mm (0.5 mm) 
Spacing: 2.15m (43 mm)  
EI= 6.8 GNm

2
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(5.4x10
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GNm
2
/m) 

M
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= 9.0 MNm/m  

(3.6x10
-3

 MNm/m) 

Case 3 
C3 

2.5m (50 mm) [1.0] 
{8.3;10.3}  
<1.9;0.95;0.69> 

Case 6 
C6 

2.5m (50 mm) [1.0] 
{7.7} 
<1.1> 

$:(model scale); βd
r
: normalized depth of model CSTP wall;  

  



 

127 
 

The complete loading sequences and histories for Cases 1, 3, and 6 are summarized in Figure 5.12. 

The input motion considered for the analysis was obtained from the accelerometer A2, as depicted 

in Figure 5.1. This figure provides essential information such as the maximum amplitude of the 

input motion (ai), the number of cycles (nc) in each shaking, the incremental displacement (Δδt) 

for each loading step, and the duration of white noise applied at the prototype scale. Initially, 

dynamic loadings were applied under dry conditions. In Case   1, five shakings were performed, 

gradually increasing the input motion amplitude. Conversely, in Case   3, a single shaking with a 

large input motion amplitude was applied. Subsequently, a static loading from the water pressure 

in the backfill was applied by supplying water to the retaining side. Following this, dynamic 

loadings were applied under wet conditions, following a procedure similar to the dry backfill 

loading sequence implemented in Cases 1 and 3, respectively. Afterwards, water was further 

supplied in the backfill. Lastly, one dynamic loading with the highest amplitude was applied under 

wet conditions for Case 1. In contrast, for Case 3, two dynamic loadings were performed. In Case   

6, static loading was applied first, followed by dynamic loading with a large input amplitude. 

Figure 5.13 illustrates a representative example of the input acceleration applied in the form of a 

sinusoidal wave with a predominant frequency of 1Hz. The information about all the input motions 

from Cases 1, 3 and 6 is given in Appendix 5.1. The determination of the number of effective 

cycles (nc) involves counting the cycles in the negative direction, as demonstrated in Figure 5.13a. 

The counting range is confined to nearly constant peak amplitude cycles in both positive and 

negative directions. The maximum amplitude (ai) of the input motion is determined by averaging 

the maximum amplitudes in the positive and negative directions (Figure 5.13a). This maximum 

amplitude is approximately 15% larger than the average amplitude. As observed in Figures 5.12 

and 5.13, the number of cycles varies among different cases. Therefore, the Arias intensity (Ai), 

defined in Figure 5.13b, was used as an index property for comparing results between different 

cases. Furthermore, Figure 5.13a presents examples of different time snaps used to collect data, 

like the beginning of residual after dynamic loading (tl) or the end of the long-term residual of 

previous loading (t=0). The shape of the white noise and the corresponding transfer function of 

Cases 1 and 3 are shown in Appendix 5.2 -5.4. The transfer function was obtained by diving the 

First Fourier Transfer (FFT) of the wall top or backfill top by FFT of input white noise. The 

frequency during the first maximum amplitude was defined as the frequency of wall and backfill 

after different loading conditions. The observed frequency at the wall top and backfill top after 

each loading event for Cases 1 and 3 is summarized in Tables 5.3 and 5.4, respectively.  
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Figure 5.12: Loading sequence and histories followed in Cases 1, 3 and 6. 
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Figure 5.13: Typical shape of input motion in (a) Case 1 (shake 4) (b) Case 3 (shake 1), and (c) 

Case 6 (shake 1). 
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corresponds to a reduction in the factor of safety. Additionally, the calculated factor of safety at 

hw=0m, WR1, and WR2, as obtained from Figure 5.11, is also presented in Table 5.2. 

 

Table 5.3: Observed frequency of wall and backfill top by white noise from Case  1 

WN 

no. 
System condition h

w
 

(m)
 

Frequency (Hz) 

[Wall/Backfill] 

1 After ‘g’ up 0 [5.4/5.4] 

2 Before 1
st
 water supply 0 [5.8/5.8] 

3 After 1
st
 water supply 9.6 [5.0/5.0] 

4 Before 2
nd

 water supply 9.6 [5.7/5.6] 

 

Table 5.4: Observed frequency of wall and backfill top by white noise from Case  3 

WN 

no. 

System condition hw 

(m) 

Frequency (Hz) 

[Wall/Backfill] 

1 After ‘g’ up 0 [5.3/5.3] 

2 Before 1st water supply 0 [5.6/5.6] 

3 After 1st water supply 8.3 [4.7/4.7] 

4 Before 2nd water supply 8.3 [5.3/5.4] 

5 After 2nd water supply 10.3 [4.5/4.6] 

6 After final loading 10.3 [5.1/5.1] 
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Figure 5.14: Applied static loading by water rise (a) WR1 (b) WR2 (c) photo showing the evidence 

of water level during Case 1 WR1. 
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layer resulted in a 7% decrease in the factor of safety compared to the condition without a sand 

layer. Further increasing the sand layer by 0.5m led to a 16% decrease in the factor of safety 

compared to the condition without a sand layer.  

 

Table 5.5. Test conditions and material properties of rock with overlaying sand layer 

Case  s 

Test  

code 

Embedment soft 

rock and backfill 

sand 

Rock socket depth: dr ( )
$, 

Sand layer: ds 

{hw(m): WR1; hw:WR2} 

<FS:hw(m)=0;WR1;WR2 > 

Wall/Pile Properties   

Φ, t, EI, My  

(  )$ 

Case 4 

C4 

Toyoura sand: 

(Dr=85%): 

γd=15.8kN/m3 

∮’=42o 

Soft rock: 

γt=20.1kN/m3 

qu=1.26MPa (C4) 

qu=1.3MPa (C5) 

Es=1204MPa (C4) 

Es=951MPa (C5) 

2.5m (50 mm) 

0.5 (10 mm) 

{8.9;9.5}  

<1.75;0.78;0.71> 

Φ=2m (40 mm)   

t= 25mm (0.5 mm) 

Spacing: 2.15m (43 mm)  

EI= 6.8 GNm2/m  

(5.4x10-5GNm2/m) 

My= 9.0 MNm/m  

(3.6x10-3 MNm/m) 

Case 5 

C5 

2.5m (50 mm)  

1.0 (20mm) 

{8.8;9.4}  

<1.6;0.6;0.55> 

$:(model scale); βdr: normalized depth of model CSTP wall;  
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Figure 5.15: Variation of stress-strain obtained from the unconfined compression test for Cases 4 

and 5. 

 

Figure 5.16: Variation of the factor of safety with water level for Cases 4 and 5. 
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Figure 5.17: loading sequence followed in cases 4 and 5. 
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Figure 5.18: Typical shape of input motion in Cases 4 and 5. 

 

Figure 5.19: Measured water level during WR1 and WR2 for Cases 4 and 5. 
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The shape of the typical dynamic loadings for Case 4 and Case 5 is illustrated in Figure 5.18. A 

sinusoidal wave of a predominant frequency of 1Hz was used as dynamic loading. The number of 

cycles and the magnitude of the input motion were calculated based on the definition shown in 

Figure 5.13a and reported in Figure 5.17. The static loading applied in Case 4 and Case 5 is shown 

in Figure 5.19. Based on the water level measurements during the first and second water rise, the 

factor of safety was calculated and reported in Table 5.5.  

 

Limitations of Centrifuge model tests: 

• In Case   4, unintentionally, sand was poured outside the rubber bag, as shown in the Appendix. 

5.5. Due to this, some friction might be generated between the model wall and the container 

wall. This effect might not be very significant during loading but could affect long-term 

behaviour. Also, the possible leakage could affect the wall long-term behavior. Therefore, the 

discussion about the long-term behaviour from Case   4 was avoided. 

• In Case   4 and Case   5, many strain gauges did not work during the experiment. So, drawing 

the bending moment distribution was not possible. Therefore, all the discussions about the 

loading from Cases 4 and 5 are based on lateral pressure measurement.  

• As the wall is displaced by loadings, the location of the earth pressure cell (especially at the 

shallower depth) could settle. Therefore, it is necessary to identify the exact location of the 

earth pressure cell, which can be done by checking the earth pressure measurement and pore 

water pressure measurement. In all the cases, the locations of the EP cell, especially at 

shallower depths, were adjusted accordingly (Figure 5.1). 

 

The following section presents the results and discusses the centrifuge model test. Unless stated 

otherwise, all the results and discussions in this chapter are presented on a prototype scale. 

 

5.5. Results and discussions: 

5.5.1 Typical acceleration and phase angle response: 

Figure 5.20 illustrates a representative example of the acceleration time history measured at 

various depths of the wall, backfill, and the base of the container (input) during Case 1, Shake 4 

(ai=0.51g). As shown in Figure 5.20 (d), the ith peak of each negative cycle of input motion, wall, 

and backfill is defined by aii, awi, and abi, respectively, where the second ‘i’ stands for cycle number. 

To calculate the phase angle (for time period 1 sec, phase angle, θPH =, time difference x 360°), the 

corresponding times of aii, awi, and abi are defined as tii, twi, and tbi, respectively. The negative 

acceleration is chosen to account for the forward (positive) inertia force (defined as negative mass 

times acceleration) of the backfill soil and wall. Upon comparing Figure 5.20 (a) and (b), a well-

synchronized acceleration response was observed between the input motion, wall, and backfill, 

with minor differences in amplitude. Figure 5.20c demonstrates an increase in amplitude at shallow 

depths in the backfill and wall. To gain a clearer understanding of the soil-wall behavior at shallow 

depths, a 2-second acceleration time history for the wall, backfill, and input is presented in Figure 

5.20d. Based on Figure 5.20d, significant phase differences and amplification at shallow depths 



 

137 
 

can be observed. Furthermore, the observed amplification is more pronounced in the wall 

compared to the backfill. 

 

 

Figure 5.20: Typical example of acceleration time history measurement. 

 

To discuss the amplification ratio, the negative peak of each cycle of wall/backfill is normalized 

by the negative peak of input, as shown in Figure 5.21a&b. The data from Case 1 is chosen as it 

has a large number of shaking, and the dynamic loading was applied by gradually increasing the 

amplitude of the input motion. From Case 1, Shake 4 and Shake 11 represent the final loading in 

dry and wet conditions with comparatively large input motion. From Figure 5.21a&b, 

amplification could be observed in both the wall and backfill. Overall, the amplification is higher 

for the wall than the backfill at shallow depths. The difference in the material stiffness and the 

sensors' relative location might cause a larger amplification in the wall than backfill at shallow 

depths. For backfill, the trends in amplification ratio observed by shakes 4 and 11 were almost 

constant. Shake 11, on the other hand, for wall, shows an increasing trend from nc = 5. This 

increasing trend in amplification ratio for shake 11 could be due to a large increment in wall 

displacement and some deterioration of the rock-wall confinement caused by the loading history.  

To discuss the soil-wall interaction, the phase angle for each cycle is calculated (defined in Figure 

5.21c) and shown in Figure 5.21c&d. The observed difference in phase angle between the wall and 

backfill during shake 4 is almost constant but not during shake 11. Based on Figure 5.21c&d, the 

phase angle observed for shake 4 is smaller than for shake 11. Also, the phase angle observed in 

the wall is higher than in the backfill. As shown in Figure 5.20d, the input peak comes first, 
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followed by the wall and backfill. Therefore, the wall would try to push the soil when the system 

moves forward, increasing the lateral pressure. This behaviour is consistent in both shakes 4 and 

11 during shaking. The effect of water can be confirmed by the difference in phase angle observed 

in Figure 5.21c&d. For the backfill soil, the phase angle observed by Shake 11 is larger than Shake 

4. Due to the presence of water during shake 11, the wave propagation was delayed, causing a 

larger phase angle than shake 4. 

 

 

Figure 5.21: Variations of (a,b) amplification ratio; (c,d) phase angle; by cycles at the wall (Z=0m) 

and backfill (Z=1.25m): Shake 4 and Shake 11. 
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retained soil, resulting in a change in the stiffness of retained soil and the predominant frequency 

( fc) of the wall. Considering 1 Hz sinusoidal input motion and the fc measured at the two locations 

in the white noise vibrations, more than 5.0 Hz (Table 5.3), the increase in amplification ratio with 

ai in the dry condition is attributed to the stiffness reduction by larger strain at the soft rock. The 

larger amplification of the wet condition than the dry is for the reduction of effective stress in the 

sand by the water rise and the increase in excess pore pressure by dynamic loading. The gradual 

decrease of amplification after Shake 7 could be due to the densification of sand, which can be 

confirmed by the increased fc by shakings after WR1 (Table 5.3).  In the case of phase angle, the 

backfill shows a larger phase angle than the wall. The difference in phase angle between the wall 

and backfill becomes more significant in wet conditions than in dry conditions, confirming the 

effect of water. The backfill shows an increase in the increment of phase angle with the increase 

of input acceleration. This trend can be confirmed in both dry and wet conditions. However, the 

wall doesn’t show this kind of behaviour. 

 

Figure 5.22: (a,b) Average amplification ratio; (c,d) average phase angle in early and late loading 

cycles at the wall (Z=0m) and backfill (Z=1.25m) plotted against input acceleration. 

 

The variation of measured acceleration in the wall and backfill with respect to the input 

acceleration at different depths of Case 1&3 is illustrated in Figure 5.23. The acceleration is 

measured for the cycle in which the maximum acceleration was observed in the input acceleration. 

Three reference lines are plotted to indicate the amplification ratio. Larger amplification was 

observed at shallower depths as the shear modulus (G) approaches zero near the ground, which is 

typically expected in real conditions. This observation can be confirmed from both Case   1 and 
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dry shaking. This can be attributed to the increased mass of the retained soil due to the addition of 

water, resulting in a decrease in the predominant frequency. As the decreased predominant 

frequency approaches closer to the input frequency, the amplification ratio increases, which can 

be confirmed from both Cases 1 and 3. The amplification ratio of less than one was observed at 

Z=6.25m for wall and backfill, especially for large-magnitude input motion. At Z=11.25m, the 

amplification ratio of backfill soil was larger than that of the wall.  

 

 

Figure 5.23: Amplification ratio observed at different depths of Cases 1 and 3. 
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5.5.2 Observed typical behaviour of CSTP wall under dynamic loading: 

 

Figure 5.24: Example of measured (a,e) wall top displacement; (b,f) bending moment at 

Z=10.75m; (c,g) lateral pressures at Z=11.25m; (d,f) lateral pressure at Z=2m; with the kinematic 

components during shaking and the long-term variation after shake 4 Case 1. 
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Figure 5.25: Example of measured (a,e) wall top displacement; (b,f) bending moment at 

Z=10.75m; (c,g) lateral pressures at Z=11.25m; (d,f) lateral pressure at Z=2m; with the kinematic 

components during shaking and the long-term variation after shake 1 Case 3. 
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Figure 5.26: Example of measured (a,e) wall top displacement; (b,f) bending moment at 

Z=11.25m; (c,g) lateral pressures at Z=11.75m; (d,f) lateral pressure at Z=1.75m; with the 

kinematic components during shaking and the long-term variation after shake 1 Case 4. 
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Figure 5.27: Example of measured (a,e) wall top displacement; (b,f) bending moment at Z=9.0m; 

(c,g) lateral pressures at Z=9.75m; (d,f) lateral pressure at Z=2.25m; with the kinematic 

components during shaking and the long-term variation after shake 1 Case 5. 
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Figure 5.24-27 presents an example of the total measured wall top displacement (δt), bending 

moment (M), and lateral pressure (σh) at both shallow and deeper depths during dynamic loading 

for Cases 1, 3, 4 and 5. As shown in Figure 5.24-27, the measured data can be separated into two 

parts: ‘During shake’ and ‘After shake’. From time t=0-30 sec is defined as ‘During shake’ and 

later as ‘After shake’. In all the measurements, the accumulation of kinematic components is 

shown by the red line. This kinematic component can also be represented as a static component. 

The residual component is referred to as the measurement after dynamic loading. In the ‘after 

shake’ part, a small displacement increase could be observed under constant gravity and water 

level. This slight movement of the wall reduced the residual lateral pressure and the bending 

moment, which can be confirmed in all cases. 

In all cases, accumulation of the kinematic component of displacement occurred during dynamic 

loading. Similarly, an increase in the kinematic component of the bending moment during dynamic 

loading was observed, as shown in Figure 5.24-27. In all cases, the lateral pressure increased after 

dynamic loading at all measurement locations except some (at Z=2.0m of Shake 7,8 from Case   

1). Furthermore, a substantial dynamic component of the lateral pressure was observed at 

shallower depths compared to deeper depths, especially for all cases. The maximum bending 

moment and lateral pressure are indicated in Figure 5.24b-d and (d). The maximum bending 

moment and lateral pressure did not occur at the same time. Therefore, some phase differences 

could be expected between the measurements. 

 

5.5.3Typical dynamic soil wall interaction: 

In this section the discussion about the typical Soil-Wall Interaction (SWI) between the CSTP wall 

and the retained soil is carried out by using the wall top displacement, total earth pressure and 

bending moment. The measured data from LDT, earth pressure cell and strain gauge are filtered 

by using a third-order Butterworth Low pass (LP) filter with prototype scale corner frequency of 

10Hz to remove the noise. A third-order Butterworth High pass (HP) filter with a prototype scale 

corner frequency of 0.3Hz was applied twice to obtain the dynamic component. The kinematic 

component was obtained by subtracting the dynamic component from the Total. 

To discuss the dynamic SWI, the dynamic displacement obtained by the LDT or the potentiometer 

is often avoided as the instrument rack to which displacement transducers were attached 

experienced vibration during spinning and shaking (Al Atik, 2008). This vibration resulted in large 

apparent deflections. However, in this research, the measured displacement by the LDT is used to 

discuss the SWI. Figure 5.28 shows the time history of the wall top displacement obtained from 

the LDT and back-calculated from the acceleration. The acceleration measured at the container 

bottom (input), rock surface (rock), the bottom of the wall (wall-bottom) and top of the wall is 

used to back calculate the displacement. A third-order Butterworth LP filter with a prototype scale 

corner frequency of 25 Hz was applied to reduce noise in the acceleration time series. Additionally, 

a third-order Butterworth HP filter with a prototype scale corner frequency of 0.3 Hz was applied 

to eliminate long-period drift that would show up in the records following integration to 
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displacement and velocity. The disadvantage of such filtering is that it removes any apparent 

permanent offset of the instrument.  

 

 

Figure 5.28: Time history of wall displacement measured by LDT and back-calculated from 

acceleration of Case 1 (a,b) Shake 4 (c,d) Shake 11.  

 

Unlike LDT, the acceleration measurement contains the movement of the shaker. Therefore, the 

movement of the shaker is removed to obtain the actual displacement of the wall, which was 

obtained by subtracting the displacement by input, rock, and wall bottom from the wall top and 

termed as ‘input-wall top’, ‘rock-wall top’ and ‘wall bottom-wall top’, respectively. The 

displacement obtained form the accelerations is the dynamic displacement. Therefore, to obtain 

the total displacement from the acceleration, the kinematic component from the LDT is added to 

the displacement from acceleration. The three displacements obtained from the acceleration and 

the LDT along the kinematic component are shown in Figure 5.28. It is worth mentioning that a 

more accurate comparison between the LDT and acceleration could be possible if the acceleration 

of the instrument rack is measured directly (attaching an accelerometer to the LDT). 

An almost synchronized relationship between the LDT and the displacement from the acceleration 

can be observed. However, the maximum displacement from the acceleration measurement in the 

forward and backward direction are about 5-12% larger than the LDT measurement. The dynamic 

displacement from the LDT and the acceleration are compared in Figure 5.29. The displacement 

during nc=2 is also highlighted in this figure. No significant phase difference between the 
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displacement from LDT and acceleration can be observed. However, the dynamic displacement 

measured by acceleration is larger than the LDT, with the maximum difference observed between 

LDT and input-wall top. This difference is larger in Shake 11 than in Shake 4, which could be 

attributed to the larger amplification ratio observed in Shake 11 than in Shake 4 (see Figure 5.22).   

Based on Figures 5.28 and 5.29, it can be said that the displacement measured by the LDT was not 

significantly affected by the vibration of the instrument rack. Therefore, the LDT measurement 

will be used to discuss the SWI. 

 

 

Figure 5.29: Comparison between dynamic wall displacement obtained from LDT and back-

calculated from the acceleration of Case 1 (a) Shake 4 (b) Shake 11.  
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at Z=2.0m are about 2-3 times larger than those at Z=11.25m. Regardless of the depths, the total 

earth pressure magnitudes were larger for nc=2 than nc=15. 

 

Figure 5.30: Relationships between the wall top displacement (a,b) total earth pressure at 

Z=11.25m; (c,d) total earth pressure at Z=2.0m; (e,f) bending moment at Z=10.75m (g,h) dynamic 

component of earth pressure: Case 1 Shake 4 and Shake 11. 
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5.5.4 Lateral pressure acting on the CSTP wall: 

The total lateral pressure distribution (σh) observed in Cases 1, 3, and 6 is presented in Figure 5.31. 

Two reference lines are drawn to represent the active pressure (σha) and the at-rest pressure (σho). 

The initial lateral pressure observed for dr=3m (CASE  1) was greater than for dr = 2.5 m (CASE  

3). As depicted in Figure 5.31a&b, the lateral pressure increased after dynamic loading and 

exceeded the at-rest pressure. In this figure, "Max." represents the maximum lateral pressure 

measured at each location, which can be considered as the maximum lateral pressure experienced 

by the wall during shaking. "Max. BM" represents the lateral pressure at the time of maximum 

bending moment at Z=10.75m. The difference in lateral pressure distribution between "Max." and 

"Max. BM" was smaller for larger embedment depths than for smaller embedment depths. 

Additionally, the difference was smaller at shallower depths compared to deeper depths. Although 

there were some uncertainties in the measurement of earth pressure using the small sensor (Weiler 

and Kulhaway, 1982; Talesnick et al., 2014), the measured pressures could provide helpful 

information on soil structure interaction during shaking (Figures 5.30) and after loadings (Figures 

5.31-32). 

 

 

Figure 5.31: Total lateral pressure distribution with depths (a) CASE  1 shake 4 (b) CASE  3 shake 

1 (c) CASE  6 shake 1. 

 

The lateral pressure before the first water rises in Cases 3 and 6 can be represented by "After 

shake" for Case   3 and "Initial" for Case   6. It was observed that the initial condition before the 

first water rise in Case   3 exceeded the at-rest pressure, whereas in Case 6, it was lower than the 

active pressure. Furthermore, the effect of water feeding on the lateral pressure could be confirmed 

by comparing "Initial" and "After WR1" in Figure 5.31 (c), where the lateral pressure increased 

with the addition of water on the retained side. 

The lateral pressure distribution with depth for Case 4 and Case 5 is presented in Figure 5.32. Four 

reference lines are included to indicate the active and at-rest pressure at two water level conditions. 

0

2

4

6

8

10

12

0 50 100 150

L
o
c
a

ti
o
n

 f
ro

m
 w

a
ll 

to
p
, 

Z
 [

m
]

Lateral pressure, σh [kPa]

C6:dr=2.5m

Shake 1

hw=7.7m

ai=0.6g

0

2

4

6

8

10

12

0 20 40 60 80

L
o
c
a

ti
o
n

 f
ro

m
 w

a
ll 

to
p
, 

Z
 [

m
]

Lateral pressure, σh [kPa]

C3:dr=2.5m

Shake 1

hw=0m

ai=0.6g

0

2

4

6

8

10

12

0 20 40 60 80

L
o
c
a

ti
o
n

 f
ro

m
 w

a
ll 

to
p
, 

Z
 [

m
]

Lateral pressure, σh [kPa]

C1:dr=3.0m

Shake 4

hw=0m

ai=0.51g

(a) (b) (c)

Initial

Before shake

After shake

Max. 

Max. BM

After WR1



 

150 
 

The lateral pressure distribution is shown at various stages: initial (after ‘g’ up process), after dry 

shaking event (at t=30 sec of final dry shaking), before the first wet shaking event (end of WR1), 

after the first wet shaking event (at t=30 sec of final wet shaking), before the second wet shaking 

event (end of WR2), and after the second wet shaking event (at t=30 sec of final wet shaking). 

 

 

Figure 5.32: Lateral pressure distribution with depths (a) Case 4 (b) Case 5. 

 

Figure 5.33: Variation of measured Lateral pressure and calculated effective earth pressures with 

the wall top displacements in the entire loading history from Case 1. 
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Figure 5.34: Variation of measured Lateral pressure and calculated effective earth pressures with 

the wall top displacements in the entire loading history from Case 3. 
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7 and 8 of Case 1, the lateral pressure decreases during the first wet shaking. Also, an abrupt 

increase in lateral pressure could be observed after shake 6 of Case 1. In the overall trends observed 

in Case 1, the total lateral pressure showed a convex variation with the wall top displacement 

during dry shaking and 1st wet shaking at Z=11.25m, 6.25m, and 3.75m. For Z=2m, a convex shape 

in the trends could be observed during dry shaking, but a concave shape during 1st wet shaking.  

 

 

Figure 5.35: Effective earth pressure ratio of Case 1 (a) variation of effective earth pressures with 

wall displacements measured for the entire loading history of Case 1 (b-c) effective earth pressure 

ratios distribution with depth. 
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in dry conditions, especially at the shallower depth of Cases 1 & 3 (Figure 5.35a,b&5.36a,b). This 

behaviour implies that the densification of the backfill soil might occur in all depths, redistributing 

the earth pressure after each loading (Figure 5.35b&5.36b). The ratio significantly decreased by 

the static loading of WR1, especially at the deeper depth close to the active Ka condition (Figure 

5.35c & 5.36b). In wet conditions, the ratio increased significantly for Case 1, especially at deeper 

depth, with some reduction at Z=2.0m in Shakes 7&8, which could be attributed to partial 

saturation (Borghei et al., 2020) (Figure 5.35c). The large increase in earth pressure at deeper depth 

could increase the wall inclination, decreasing earth pressure at Z=2.0m in Shake 7&8. However, 

Case 3 did not show such behaviour. For Case 1, the ratios become relatively constant with depth. 

A similar observation can be made from Case 3, except for a large decrease in earth pressure at 

Z=8.75m. Finally, after final loading, ratios about twice and three times the at-rest (K0) and Ka 

values were seen for Cases 1 and 3. 

 

 

Figure 5.36: Effective earth pressure ratio of Case 3 (a) variation of effective earth pressures with 

wall displacements measured for the entire loading history of Case 3 (b) effective earth pressure 

ratios distribution with depth. 
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pressure increased during the final loading (more than at-rest pressure), confirming the presence 

of the resilience effect (discussed in section 5.5.9). Therefore, it could be said that secured rock-

wall confinement could be ensured even at δt over 2%H.  
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Figure 5.37: Comparison of lateral pressure and effective earth pressure at Z=2m and 11.25m of 

Case 1 (dr=3.0m) and Case 3 (dr=2.5m). 
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The vertical force is calculated by integrating the vertical stress diagram with respect to depths for 

reference and termed as Pv′.  

 

 

Figure 5.38: (a) method to calculate resultant thrust force and location of resultant thrust force 

from Case 1; (b) Variation of normalized resultant thrust force with the wall top displacement. 
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In the case of the location of resultant thrust force, during dry shaking, the location changed from 

about 0.35H to 0.37H, as shown in Figure 5.39. After WR1, the location of the effective thrust 

force becomes larger than the total thrust force. In the case of the location of the total thrust force, 

the location remained constant (hp/H about 3.3) in the later loadings. However, the location of the 

effective thrust force decreased from about 0.44H to 0.38H for Case 1 and 0.41H to 0.39H for 

Case   3. This trend for the location of the effective thrust force is mainly affected by the effective 

earth pressure at Z=2m, as shown in Figures 5.35 and 5.36. In Case 1, the observation can be 

justified by the increase in the location of the effective thrust force during WR1 and the decrease 

during WR2. During WR1, the water level did not reach Z=2m. Therefore, the water could not 

neutralize the resilience effect (section 5.5.9) at Z=2m, resulting in a larger effective earth pressure 

at Z=2m than at other depths, as shown in Figure 5.35. Due to the large effective earth pressure at 

Z=2m, the location of the effective thrust force increased during WR1. On the other hand, the 

water level reached Z=2m during WR2, resulting in a significant reduction of the effective earth 

pressure at Z=2 m compared to other depths, as shown in Figure 5.35. The reduction of the 

effective earth pressure at Z=2m caused the reduction of the location of the effective thrust force.  

 

Figure 5.39: Variation of location of total and effective resultant thrust force with the wall top 

displacement. 
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2017), Overall, the observed location of the resultant thrust force and effective thrust force 

observed from this CSTP wall model condition is more than 0.34H and 0.4H, respectively. 

 

5.5.4.2 Dynamic lateral pressure: 

The variation of the dynamic lateral pressure at two different depths (Z=2m and 11.25m) from 

Cases 1 and 3 is plotted against the input motion in Figure 5.40. The measured maximum lateral 

pressure (Figure 5.31) was considered as the maximum dynamic lateral pressure at a particular 

location. The lateral pressure based on the Mononobe Okabe (M-O) method is also shown in this 

figure to compare the observation from the dry shaking. The lateral pressure was increased with 

the increase of input motion amplitude. It was observed that the lateral pressure during dry shaking 

at Z=11.25m was smaller than the M-O lateral pressure. However, at Z=2m, the lateral pressure 

under dry conditions was larger than the M-O pressure, especially for large embedment depths. 

Therefore, further increasing the embedment depth might increase the lateral pressure during 

dynamic loading, especially at the shallow depth, which could lead to the failure of the retaining 

structure.  

 

 

Figure 5.40: The variation of maximum lateral pressure with input acceleration. 
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bending moment (Ma) and the at-rest bending moment (Mo), calculated based on the lateral 

pressure distribution given in Figure 5.31. 

Based on Figure 5.41, it was observed that the maximum bending moment occurred above the rock 

surface, and there was an abrupt change in the bending moment below the rock surface. In a 

cantilever wall, a maximum M should be obtained at the rock surface. However, the maximum M 

was observed by the strain gauge measurement at Z=10.75m, not Z=11.25m (Figure 5.41a), which 

could be attributed to a stress concentration or a propping action in the strain gauge measurement 

near the rock surface of the CSTP wall. The plugging condition and local deformation in the wall 

near the rock surface can cause this stress concentration (Ishihama et al., 2020). BM at the rock 

surface, equivalent to the moment load to the wall (ML), was estimated by linear extrapolation 

using Ms at Z=10.75 and 9.5m, as shown in Figure 5.41a. This simplified approach might 

underestimate ML, but it could be used as an approximate value. From the M distribution, Ms more 

than Ma were observed after Shakes 4 at the rock surface. Also, a large dynamic BM distribution 

(Max.) can be confirmed due to the combined effect of σh and inertia. The overall M distributions 

below the rock surface show a gradual decrease. However, discontinuous changes of M can be 

seen near the surface, which confirms the effect of the stress concentration and local deformation 

of the tubular pile below the rock surface (Carter and Kulhawy, 1988,1992). Less effect of stress 

concentration was observed for strain gauges placed approximately 25% of the pile diameter away 

from the rock surface, as shown in Figure 5.41b&c. Finally, the observed M was larger for dr=3.0m 

than 2.5m. 

 

 

Figure 5.41: Bending moment distribution with depths (a) CASE  1 shake 4 (b) CASE  3 shake 1 

(c) CASE  6 shake 1. 
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13.25m from the g-up process to the end of final loading from Case 3 are plotted against the wall 

displacement in Figure 5.43. 

An almost linear variation of the bending moment with the displacement can be confirmed during 

the g-up process, confirming the elastic condition of the wall and rock system for both Cases 1 and 

3. At the end of the g-up process, the maximum bending moment was observed at Z=10.75m 

instead of Z=11.75m for Case   1. However, in Case   3, the maximum bending moment was 

observed at Z=11.5m. A significant difference between the bending moment below and above the 

rock surface was confirmed. This behaviour confirms the less stress dependency by the rock 

material but a large dependency on the confining stress (Carter and Kulhawy, 1987,1992). 

 

 

Figure 5.42: Variations of measured bending moment at different depths with the wall top 

displacement from Case 1. 
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Figure 5.43: Variations of measured bending moment at different depths with the wall top 

displacement from Case 3. 
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over 1 could be ensured for dr=3m (Case 1) but not for dr=2.5m (Case 3). Moreover, for Case 3, in 

final loading, the increase in moment load and bending moment was approximately 5%, while the 

increase in wall top displacement was about 0.6%H, indicating deterioration in rock wall 

confinement. However, it was not enough to cause catastrophic failure for dr=2.5m. 

 

 

 Figure 5.44: Variation of moment with wall top displacement from Case 1 and 3 (a) bending 

moment at Z=10.75m (b) moment load. 
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the residual MLs estimated from the bending moment and the σh distribution immediately after the 

shakings are also shown with linear regression lines, except for the ML from the σh.  

 

 

Figure 5.45: Variation of moment loads with series of loadings (a,b) Case 1 (c) Case 1&3 

comparison. 
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inertia at their peaks, but some phase difference from σh due to the dynamic soi-wall interaction 

discussed in Figure 5.30. In Figure 5.45, the difference in the slopes of regression lines between 

ML at the Max bending moment and after the shake can be considered as the dynamic component 

of the moment load. The slope differences and the slopes of the wall inertial are both slightly larger 

in the wet condition (hw=9.6m) than in the dry condition due to the larger amplification ratio for 

the former than the latter (Figure 5.22a&b). Comparing these slopes, it can be said that the wall 

inertia wall contributed about 60% to the dynamic component of the moment load at its maximum 

in this particular series of dynamic loadings. 

The effect of embedment depth can be confirmed in Figure 5.45c. For similar input acceleration, 

a larger moment load was observed for dr=3.0m (Case 1) compared to dr=2.5m (Case 3). 

Furthermore, the maximum moment load observed for the larger embedment depth was 

approximately 60% of the yielding moment (My), which is close to the actual yielding moment of 

65%My discussed in section 3.2. Therefore, it can be inferred that by further increasing the 

embedment depth, the concern will shift from wall displacement to structural failure. 

 

 

Figure 5.46: Variation of kinematic component of wall top displacement with arias intensity. 
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dr=2.5m compared to dr=3.0m. The observed displacement from Case 6 Shake 1 was larger than 

Case 3 Shakes 3 and 4. The difference in the loading sequence influences this behaviour. The initial 

loading of Case   6 was static loading by water rise. Therefore, no resilience effect was developed 

in Case   6. However, in Case   3, as the initial loading was dynamic, therefore, resilience effect 

caused an increase in the lateral pressure more than the at-rest pressure (Figure 5.36). The larger 

resilience effect in Case 3 caused a smaller displacement than in Case 6. Therefore, without pre-

shaking, the wall displacement will be larger than the pre-shaking condition during dynamic 

loading.   

Measured residuals δts are plotted against the input acceleration, ai, in Figure 5.47. The figures 

only include Case   1, as Case   1 had the input motion, which increased chronologically. The 

increment in displacement is taken from the initial values of dry shaking events, 1st wet shaking 

events, and 2nd wet shaking events to distinguish the trends more clearly. For the sinusoidal input 

motions with almost the same number of cycles (nc~20), ai can be a common parameter of 

magnitude of dynamic loading. Nonlinear variations of δts with ai were observed for the dry (hw 

=0) and wet (hw=9.6) conditions. In other words, Δδt in each dynamic loading increased with ai in 

the subsequent shake. The accumulated increments of δt for the wet condition was 110mm, about 

twice that for the dry conditions. These increases of Δδt are partially due to the increase of residual 

earth pressure by the resilience effect, as shown in Figure 5.35 and could be attributed to the 

deterioration of rock stiffness due to the cyclic deformation. Although the input accelerations of 

Shake 4 & 5 are almost the same, δt of Shake 4 was about twice that of Shake 5 (Figure 5.12), 

which also agrees with the smaller residual earth pressure increment by Shake 5 than Shake 4 

(Figure 5.35&5.54). Conti et al. (2012) observed similar effects of the magnitude of input motion 

on the displacement of flexible cantilever walls in sand. In the long-term period after each loading, 

very small δt increases were observed, except for WR1, in which a visible increase was noticed.  

 

 

Figure 5.47: (a) Variation of wall displacement with input acceleration; (b) variation of wall 

displacement with cumulative arias intensity. 
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5.5.7 Effect of pre-shaking on the static loading behaviour of CSTP wall: 

The behaviour of the CSTP wall during WR1 for Cases 1, 3, and 6 are compared with the 2D plate 

wall model reported by Kunasegaram and Takemura (2021) in Figure 5.48. The measured 

displacement is plotted against the water level in this figure. For identical water levels, the 

displacement is larger for the 2D plate wall model than for the CSTP wall. Additionally, in both 

wall models, smaller wall top displacement was observed for a larger embedment depth, 

confirming the effect of embedment depth on wall top displacement. In the CSTP wall, no 

significant increase in displacement was noticed at hw around 4m. As shown in Figures 5.35, 5.36 

and 5.54, the earth pressure for Cases 1 and 3 was larger than the at-rest pressure before the first 

water rises. This high earth pressure could prevent the immediate initiation of active conditions, 

resulting in small displacements at shallow water levels.  

 

 

 

Figure 5.48: Variation of wall top displacement with water level. 
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Another effect of pre-shaking could be confirmed by the smaller increment in moment load caused 

by pre-shaking in the CSTP wall model (see Figure 5.44b). Moreover, the base shear of the 2D 

plate wall model is smaller than that of the CSTP wall model, which could also limit the 

displacement at higher water levels compared to the 2D plate wall model. However, for dr=2.5m, 

both the 2D plate wall model and Case   6 exhibited larger displacements from the beginning. 

Almost identical wall top displacements were observed between Case   6 and the 2D plate wall 

model up to hw=4m. Beyond that, the observed displacement in Case   6 exceeded that of the 2D 

plate wall model, which could be due to the smaller strength of the rock ground in Case   6 (Table 

5.2). Subsequently, for Case   3, a significant increase in wall displacement was observed for 

hw≈8m, which could be due to the previous dynamic loading, which caused the large rock strain.  

 

5.5.8 Effect of embedment condition on the CSTP wall behaviour: 

The variation of wall top displacement with cumulative Arias intensity is depicted in Figure 5.49, 

along with the wall and rock conditions after the single rock layer tests. Generally, a larger 

embedment depth (dr=3m) resulted in smaller wall top displacement compared to a smaller 

embedment depth (dr=2.5m). For Case   3 and Case   6, the wall top displacement reached 

approximately 5%H at a cumulative Arias intensity of 25. However, for CASE  1, despite having 

a higher Arias intensity of over 100, the wall top displacement remained around 2.5%H. After the 

dry shaking event, the observed wall top displacement was nearly identical for Case   1 (dr=3m) 

and Case   3 (dr=2.5m), while the cumulative Arias intensity for Case   1 was approximately nine 

times higher than that of Case   3, confirming the influence of embedment depth. Comparing Case   

6 with Case   3, the wall displacement during the first water rise was greater for the wall without 

pre-shaking (Case   6) than for the wall with pre-shaking (Case   3). Although significant wall top 

displacement was observed in Cases 3 and 6, exceeding the allowable displacement for level 2 

seismic motion according to the IPA handbook (2016), no catastrophic failure was observed 

(Figure 5.49b). This confirms that stability against catastrophic failure can be ensured with an 

embedment depth smaller than the recommended design embedment depth. Overall, it can be said 

that the stability of the wall will significantly increase with the increase of 0.5m rock socketing 

depth. 

During the construction process, the shallow rock layer could be significantly disturbed. Therefore, 

it is possible to have less or no resistance from this disturbed shallow layer. During the design, two 

conditions can be considered (i) assuming a smaller strength of the shallow rock layer and (ii) 

assuming no strength of the shallow rock layer (i.e., add the shallow rock layer to the wall height). 

To discuss the effect of the embedment depth condition, Cases 1, 3 and 4 are compared with one 

another. Figure 5.50 depicts the variation of wall top displacement with cumulative Arias intensity 

of Case s 1,3, and 4. Due to the free sand layer present at the front of the wall, the large mobilization 

of side wall friction might be the reason for observing smaller wall top displacement after the ‘g’ 

up process of Case   4. Furthermore, the observed displacement for Case 1 (dr=3m) was almost 

half of Case 4 (dr=2.5m+ds=0.5m). This observation confirms that although the embedment depth 

was similar, the presence of a 0.5m overlaying sand layer could significantly increase the wall top 
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displacement. This observation can further be justified by the stability analysis, where the factor 

of safety observed for a single rock layer was about 30% larger than the two layers.  

 

Figure 5.49: (a) variation of wall top displacement with cumulative arias intensity (b) wall and 

ground condition after tests. 

 

Figure 5.50: Variation of wall top displacement with the cumulative arias intensity.  

C1   C3   C6

Case 1 Case 3
Case 6

0

1

2

3

4

5

0 30 60 90 120

N
o

rm
a

liz
e

d
 w

a
ll 

to
p

 d
is

p
la

c
e

m
e

n
t 

a
ft

e
r 

lo
a

d
in

g
s
 [

δ
t/H

][
%

]

Cumulative arias intensity, Ai [m/sec]

1#

2#

3#

(a) (b)

Initial

Before wet shaking event

Dry shaking

Wet shaking

1#: Normal load

2#: L1 seismic motion

3#: L2 seismic motion

C1:dr=3m

C6:dr=2.5m

C3:dr=2.5m

#IPA handbook (2016)

0

1

2

3

4

5

6

0 50 100 150

N
o

rm
a

liz
e

d
 w

a
ll 

to
p

 d
is

p
la

c
e

m
e

n
t 
a

ft
e

r 
s
h

a
k
in

g
 [

δ
t/H

][
%

]

Cumulative arias intensity, Ai [m/sec]

C1   C3   C4   C5

Initial

Before wet shaking event

Dry shaking

Wet shaking



 

168 
 

The effect of the overlaying sand layer can be further observed during dynamic loading. Figure 

5.51 shows the variation of the wall top displacement increment with the cumulative arias intensity. 

For similar embedment depth (Case 1 and 4), the wall with an overlaying sand layer produces a 

larger displacement than the wall without an overlaying sand layer. Comparing Cases 3 and 4, with 

a similar rock layer but Case 4 with 0.5m overlaying sand layer, no significant effect of 0.5m 

overlaying sand layer can be confirmed in dry conditions (Figure 5.51). A 10 % difference in the 

stability analysis could not significantly affect the wall displacement. During shake 1 of Case 4, a 

concave trend can be confirmed. However, during shakes 3 and 4 of Case   4, the almost linear 

trend can be confirmed between displacement and arias intensity. 

 

 

Figure 5.51: Variation of wall top displacement increment with the arias intensity during dynamic 

loading. 

 

The variation of the amplification ratio of Cases 1, 3 and 4 is shown in Figure 5.52. the 

amplification ratio at the wall top is compared instead of backfill to avoid the effect of the sensor 
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Figure 5.52: Variation of amplification ratio of Cases 1, 3 and 4. 

 

Figure 5.53: Variation of wall top displacement with water level of Cases 1, 3 and 4. 
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The variation of wall top displacement with the water level is shown in Figure 5.53. In Case 4, the 

height of the overlaying sand layer was subtracted for the comparison. It is seen that the wall top 

displacement in Case 4 is larger than in Case 1. However, the wall top displacement in Cases 3 

and 4 is almost similar, possibly due to the similar effective earth pressure ratio observed in Figure 

5.54. The smaller increment of wall top displacement during Case   4 at shallow water level could 

be due to the mobilization of side wall friction between the wall and free sand at the front. As the 

water level increases, this friction decreases, and a sharp increase in the wall top displacement can 

be confirmed after hw>6m. Also, it is to be noted that a small water leakage was observed during 

Case 4, which can be evident from Figure 5.53 and should be considered during the interpretation.  

In the calculation of the effective earth pressure ratio for Case 4, the reduced water level was 

considered instead of the fixed water level. The variation of the effective earth pressure ratio with 

depth for Cases 1,3 and 4 is shown in Figure 5.54. During Case 1, the increment in the effective 

earth pressure ratio at a shallower depth was more significant than the deeper depth during dry 

shakings. However, in wet conditions, the increase in the effective earth pressure ratio becomes 

larger at deeper depths than at shallower depths. After the final loading, the effective earth pressure 

ratio becomes almost constant. This behaviour can be interpreted as due to larger wall top 

displacement and the variation of the excess pore water pressure, the increment in the effective 

earth pressure ratio becomes smaller than the deeper depth and becomes almost constant 

throughout the depths. However, in Cases 3 and 4, this behaviour cannot be confirmed, but the 

location of the maximum effective earth pressure ratio was measured by the deeper depth than the 

shallower depth. At the final condition, these different trends between the Cases could be 

interpreted as for secured rock wall confinement (Case 1), the effective earth pressure ratio 

becomes almost constant along the depths, but for significant deterioration of the rock-wall 

confinement condition (Case   3 and 4) larger effective earth pressure ratio could be excepted as 

the shallower depth than the deeper depth. Overall, the observed effective earth pressure ratio was 

larger than the at-rest pressure for Cases 1,3 and 4. To understand the embedment depth condition 

more clearly, the variation of the effective earth pressure ratio calculated from the two earth 

pressure cells at the top and bottom with wall top displacement for Cases 1, 3 and 4 is shown in 

Figure 5.55. After final loading, at the shallower depth, the effective earth pressure ratio was larger 

for Case 1 than for Cases 3 and 4. However, Cases 3 and 4 had almost similar earth pressure ratios 

at the shallower depth. On the other hand, at the deeper depth, Case 1 had the larger ratio, followed 

by Case 3, then Case 4. The resilience effect defined in Section 5.5.9 can be confirmed for all the 

Cases, even during final loading in both depths. To further discuss the effect of the embedment 

depth condition, the back-calculated thrust force (Following the definition given in Figure 5.38a) 

is plotted against the wall top displacement in Figure 5.56. overall, the total thrust force observed 

in Case 1 was larger than in Case 3, followed by Case 4. A similar trend was confirmed for effective 

thrust force variation. During shake 1 of Cases 3 and 4, almost similar effective thrust force 

variation with wall top displacement was confirmed. However, after WR1, the effect of the 

embedment condition can be confirmed between Cases 3 and 4, which could be seen as the effect 

of mobilized friction by sand-wall getting reduced in Case 4. Finally, after the final loading, a 

larger effective thrust force can be confirmed for Case 3 than for Case 4. 
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Figure 5.54: Variation of effective earth pressure ratio of Cases 1, 3 and 4. 
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Figure 5.55: Variation of effective earth pressure with wall displacement of Cases 1, 3 and 4. 

 

 

Figure 5.56: Variation of normalized effective thrust force with normalized wall top displacement.  
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Overall, the stability of the wall in Case 1 was larger than in Case 3, followed by Case 4, which 

supports the stability analysis (Figure 5.11&16, Appendix 5.13e). 

 

5.5.9 Resilience effect: 

The typical behaviour observed during dynamic loading is explained in Figure 5.30. Based on the 

relative position of the wall during dynamic loading (Figure 5.30), the corresponding distributions 

of the total and effective earth pressure are shown in the figure. Points B and C represent the 

minimum and maximum wall displacement during dynamic loading (See Figure 5.30). The wall 

displacement becomes minimum, when the dynamic load (inertia of wall and soil, water pressure) 

acting on the wall becomes minimum (Figure 5.57a). However, the maximum wall displacement 

occurs when the dynamic load become maximum. Some deviation from this behaviour could be 

observed at Z=11.25m due to the phase difference as discussed in Figure 5.30.  

 

 

Figure 5.57. Schematic diagram to explain the mechanism of the resilience effect. 
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displacement (points a and b in Figure 5.57b). Some exceptions to this behaviour can be observed 

during Shakes 7 and 8 at Z=2.0m, where no ratcheting effect occurs, which could be due to the 

significant resilience effect at the deeper depth (Figure 5.54). Based on the discussion above, in 

this study, the term ‘(elastic) resilience effect’ is used instead of ‘ratcheting effect’ to address the 

variation of the effective earth pressure with the wall displacement, which is caused by the 

embedded wall elastic resilience. Figures 5.54 & 55 show that the resilience effect can be 

confirmed even at wall displacement larger than 2%H, indicating the presence of secured rock-

wall confinement conditions. Also, after the final loading, the (σ′h/σ′v) more than the design 

pressure (active pressure, Ka) can be confirmed due to the resilience effect. It suggests that 

designing the wall using active or K0 earth pressure might lead to underestimating the force acting 

on the wall. 

 

5.5.10 Use of active lateral pressure for the design of high-stiffness CSTP wall embedded into 

stiff ground. 

In the design of an embedded retaining wall, active earth pressure is used for the structural design. 

Based on the sequential loading condition adopted in this research, the lateral pressure acting on 

the wall could be much larger than the active condition (Figure 5.54). Due to the resilience effect, 

the lateral earth pressure becomes much larger than the at-rest pressure, as shown in Figures 5.35, 

5.36 and 5.54. For larger embedment depth, the observed earth pressure was larger than the smaller 

embedment depth. To investigate this point further, a p-y analysis was conducted by assuming the 

bi-linear p-y curve explained in section 4.2.3. In this analysis, design condition was assumed for 

the p-y curve, i.e., only using lateral spring (Model 1). 

 

Figure 5.58: Wall deflection variation (a) Case 1 (dr=3.0m) (b) Case 3 (dr=2.5m). 
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The total active earth pressure was calculated for different water levels mentioned in Table 5.2 for 

Cases 1 and 3. The measured total lateral pressure after shake 4, shake 10 and shake 11 from Case   

1 and shake 1, shake 2 from Case   3 was used for comparison. The lateral pressures were used as 

the distributed load on the 12-meter-long pile with socketing depths of 3.0 and 2.5m. The observed 

deflection profile from the p-y analysis is shown in Figure 5.58. 

It can be confirmed that using the active earth pressure will underestimate the wall displacement. 

In the case of larger embedment depth, the wall displacement could be underestimated by about 

45% at larger water level. In the case of smaller embedment depth, the underestimation of the wall 

displacement could be about 40% at a water level of 8.4m. The resilience effect could be significant 

for high-stiffness walls embedded into stiff ground under sequential loading. Therefore, based on 

this particular loading sequence and testing condition, the retaining wall designed by assuming 

active conditions, might underestimate the wall deflection. 

 

5.5.11 Qualitative discussion on CSTP wall deflection behaviour  

A qualitative analysis of the wall deflection behaviour of the CSTP wall is presented in this section. 

Figure 5.59 illustrates that the wall top displacement of a cantilever retaining wall is influenced by 

three integral components: (1) wall displacement at the rock surface (translation, δT), (2) rotational 

displacement with respect to the rock surface (rotation, δR), and (3) bending deflection with respect 

to the rock surface (bending, δB). 

 

 

Figure 5.59: Different components contributing to the wall deflection. 
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The wall deflection was calculated by using the Euler-Bernoulli theory, i.e. by double integrating 

the bending moment and using the measurements from two top LDTs as boundary conditions. To 

obtain a uniform qualitative bending moment diagram, the measured bending moment diagram 

was modified due to its susceptibility to various influencing factors. Figure 5.60 displays the 

modified and actual bending moment distributions for Case 1 And Case  3. In Case  1, the bending 

moment at the modified locations was obtained through linear extrapolation, while for Case 3, a 

polynomial line was used to determine the bending moment distribution in the top half of the wall. 

In both Cases, the moment load remained consistent. 

Based on the bending moment distribution shown in Figure 5.60, the calculated bending deflection 

is depicted in Figure 5.61. The deflection profile is presented on an absolute scale rather than as 

increments. It was observed that the wall deflection increased with the progression of the loading 

sequence. The wall deflection measured at the wall toe was approximately 47mm and 80mm for 

Case 1 and Case 3, corresponding to approximately 0.9mm and 1.6mm in the model scale. 

 

 

Figure 5.60: An example of qualitative bending moment distribution with depths (a) CASE  1 

(dr=3.0m) and (b) CASE  3 (dr=2.5m). 
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Figure 5.61: Wall deflection profile (a) Case 1 (dr=3.0m) (b) Case 3 (dr=2.5m). 

 

 

Figure 5.62: (a) Variation of different displacement components with wall top displacement (b) 

contribution of different components to the wall top displacement. 
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Figure 5.62(a) demonstrates the different components contributing to the wall top displacement 

based on the wall deflection profile. The percentage contribution of each component to the wall 

top displacement is depicted in Figure 5.62 (b). Initially, for Case  1, the wall top deflection was 

primarily influenced by rotation (40%), bending (30%), and translation (30%). In contrast, for 

Case 3, it was dominated by rotation (68%), followed by translation (22%) and bending (10%). 

Therefore, a change in embedment depth of 0.5m (25%Φ) could increase the rotational component 

by 1.5 times. In Case 1, a significant increase of approximately 40% was observed in the rotational 

component after dry shaking. Subsequently, the rotational component did not experience 

significant changes in the later loading. Similar observations were made in Case 3. However, in 

both Cases, the ultimate condition could be characterized by wall rotation with respect to the rock 

surface, followed by translation and bending. This behaviour suggests that reducing the 

embedment depth would cause the wall to exhibit more rigid behaviour rather than flexible. 

 

5.5.12 Effect of backfill soil on the stability and the failure mechanism of the CSTP wall: 

Comparing the simple pile wall model and the CSTP wall model, the simple pile wall model 

showed wedge-type failure, but in the case of the CSTP wall model, although the wall displacement 

was more than 4%H, especially for 2.5m embedment depth, no catastrophic failure was observed. 

The presence of overburden pressure might affect this observation. However, as shown in Table 

5.6. Based on this model condition, the presence of overburden pressure from the retaining soil 

might not significantly affect the stability of this structure. It can be seen that the presence of 

overburden pressure can only increase the factor of safety by about 5% for different embedment 

conditions. On the other hand, this difference becomes even smaller if the contribution of the base 

shear is considered. Also, in the p-y analysis, the overburden pressure can only affect the ultimate 

condition. Therefore, it can be said that for this particular model condition, the effect of overburden 

pressure from the retained soil will be negligible.  

Table 5.6 Variation of the factor of safety with and without backfill condition 
 

  
hw=0m 

% 

hw=12m 

% 

  
Without 

backfill 

With 

backfill 

Without 

backfill 

With 

backfill 

dr=3m 

Without 

Base 

shear 

2.5 2.6 5.07 0.68 0.71 5.33 

With 

base 

shear 

3.85 3.90 1.15 1.03 1.04 0.59 
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dr=2.5m 

Without 

Base 

shear 

1.84 1.94 5.06 0.49 0.52 5.58 

With 

base 

shear 

2.94 2.97 0.78 0.79 0.79 0.41 

 

In the case of the development of the failure plane, the presence of overburden pressure could 

increase the normal stress acting on the failure plane. Thus, it could improve the shear strength 

along the failure plane. This might prevent the ultimate failure of the retaining structure.  

A simple FEM analysis was carried out to investigate the effect of the backfill soil on the failure 

mechanism. The model condition mentioned in Figure 5.7 was used with the model dimension 

similar to the simple pile wall loading test. However, in the new model, backfill soil is considered. 

In the FEM analysis, the backfill soil was modelled as hardening soil with the parameters 

mentioned in Table 5.7. The parameter for the sand was determined from the empirical relationship 

given by Brinkgreve et al. (2010). A similar loading condition was used, as mentioned in section 

4.2.2.1.  The FEM analysis was carried out for the embedment depth of 3m. 

 

Table 5.7: Parameters used to define sand layers 

Parameters Units Value 

Unsaturated unit weight, γunsat kN/m3 15.8 

Saturated unit weight, γsat kN/m3 19.4 

Initial stiffness, E50 kN/m2 48900 

Relative density, Dr % 81 

Minimum void ratio, emin - 0.6 

Maximum void ratio, emax - 0.966 

Specific gravity, Gr - 2.635 

Power(m) - 0.445 

Rinter - 1 

 

The variation of the principal total stress at an imposed displacement of 1%Φ and 7.5%Φ for with 

and without backfill conditions is shown in Figure 5.63. No significant difference was confirmed 

in the principal total stress variation. This can also be confirmed by the only 5% difference in the 
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factor of safety mentioned in Table 5.6. So, in terms of total stress, the presence of backfill soil 

does not significantly affect it. However, in the CSTP wall model, no catastrophic failure was 

observed, although the wall top displacement was more than the allowable displacement given for 

level 2 seismic motion. However, in the simple pile wall loading test, wedge-type failure was 

observed in the ultimate condition. This observation could be explained by the variation of the 

shear strain, as shown in Figure 5.64. In the case of the wall without backfill soil, the shear strain 

accumulates near the rock surface at a small imposed displacement. However, at larger imposed 

displacement, the shear strain accumulates near the rock surface and the wall toe. The influence 

zone of shear strain at the wall base increased towards the backward direction, and the zone was 

also moving towards the surface. However, in the Case of the wall with backfill, a large shear 

strain was concentrated at the rock-sand interface. Also, the shear strain was larger in the backfill 

as the soil was deformed due to the wall movement. However, comparing Figure 5.64 (b) with 

5.64 (d), at the wall, the shear zone did not move towards the backward direction for the wall with 

backfill. Based on Figure 5.64, it can be said that the presence of backfill soil or the overburden 

pressure could prevent the wedge-type failure, and the critical condition could be the sand rock 

interface.  

 

 

Figure 5.63: Variation of the principal total stress (a,b) without backfill (c,d) with backfill. 
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Figure 5.64: Variation of the shear strain (a,b) without backfill (c,d) with backfill. 

 

5.5.13 Long-term behaviour of CSTP wall 

For unpropped walls, the long-term behaviour of the wall can significantly affect the wall stability 

and displacement behaviour (Gaba et al., 2017). Due to the uncertainty about the long-term 

behaviour of the wall, cantilever-type retaining walls are often excluded as permanent structures 

by engineers. Based on Figures 5.24-25, the change of long-term residual component of wall top 

displacement, lateral pressure, and the bending moment can be confirmed. A typical variation of 

the long-term residual displacement, lateral pressure at Z=2m and 11.25m, and the bending 

moment at Z=10.75m immediately after the shake and after the end of the water supply with time 

are shown in Figure 5.65-66 for Case 1 and Case 3, respectively. In the case of wet shaking, the 

variation of the pore water pressure is also shown in this figure. The increment of long-term time 

(tl) is taken based on the definition shown in Figure 5.14 (a). In the case of dynamic loadings, on 

average, 5 minutes (± 2 minutes) were spent for each shaking. Typically, the increment in the 

displacement can be characterised as “creep”. This long-term creep effect could significantly affect 

the wall stability, which, in the worst-case scenario, leads to creep failure. 

In Figures 5.65&66, the variations of δt, σh at Z=2m and 11.25m, and the bending moment at 

Z=10.75m with time after loadings (tl) are shown for the dynamic loadings (Shakes 4&11) and the 
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static loadings (WR1 and WR2) respectively. The increment of displacements by creep can be seen 

for all loadings. However, the magnitudes of creep displacement are very small, which are 

negligible compared to the displacements during the loading, except for WR1, as shown in Figure 

5.65c&5.66c. In contrast, the σhs and bending moment decrease after loadings, as seen in Figures 

5.24-27. The mechanism of creep after loading is explained in Figure 5.67. The earth pressure 

decreases with the forward movement of the wall until no further decrease occurs, which can be 

considered as creep failure. Due to the resilience effect, earth pressure more than at rest pressure 

can be observed (Figure 5.54). However, the forward displacement of the wall by the creep induces 

the reduction of earth pressure from the relatively large value caused by the resilience effect. 

However, the reduction of earth pressure can be expected until the wall reaches to the active 

condition. Also, as the earth pressure decreases, the load acting on the wall will also decrease. 

Then, this reduction of earth pressure prevents the creep displacement. However, in WR1, the 

resilience effect developed by the previous dry loadings was diminished significantly by the large 

water rise. The earth pressures close to active condition (Figure 5.54) do not cause further decrease, 

and a relatively large creep displacement takes place after the loading. However, in WR2, with the 

small hw increment, the previously developed resilience effect remains, resulting in the decreases 

of σhs and the minor creep displacement. From the discussion above, it can be inferred that the 

effect of long-term creep displacement of the wall is less severe for the dynamic loading than the 

static loading due to the resilience effect, and no creep failure occurred. Also, no significant effect 

of the embedment depth can be confirmed from Figures 5.65 & 66. 

 

Figure 5.65: Variation of long-term residual component of wall top displacement, lateral pressures 

and bending moment with time for Case 1 (a) Shake 4; (b) Shake 11; (c) First water rise; (d) Second 

water rise. 
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Figure 5.66: Variation of long-term residual component of wall top displacement, lateral pressures 

and bending moment with time for Case 3 (a) Shake 1; (b) Shake 4; (c) First water rise; (d) Second 

water rise. 

 

 

Figure 5.67: Schematic diagram for the mechanism behind the creep. 
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5.5.13.1 Long-term behaviour after dynamic loading: 

Figures 5.68 and 5.66 summarise the increment or decrement of the kinematic (during shaking) 

and the long-term residual component of wall top displacement, the bending moment at Z=10.75m 

and lateral pressure at Z=11.25m, 6.25m,3.75m,2m. White noise measurement is considered to 

determine the long-term increment or decrement more precisely. As shown in Figures 5.68 (a) and 

5.69 (a), the increment during and long-term residual was always positive in the Case of wall top 

displacement. On the other hand, the increment of bending moment was positive during shaking 

but negative after shaking. In the case of lateral pressure at a deeper depth, a similar observation 

could be made. However, at shallower depths, the lateral pressure showed different trends, 

especially during Case 1, which can be confirmed by the effective earth pressure variation shown 

in Figures 5.35 and 5.54. After final loading, the decrement in bending moment was larger for 

smaller embedment depth than the larger embedment depth. A similar observation could be made 

for final loading in dry conditions. Based on Case 1, for sequential dynamic loading by a gradual 

increase of the amplitude of input motion, the long-term trends showed almost constant trends with 

the input motion. In Case 1, after dry shake 3, the long-term residual displacement was larger than 

the later dry shaking. In the case of bending moment, during dry shake 3 of Case 1, the long-term 

decrease in bending moment was larger than the bending moment during shaking.   

To summarize the behaviour, the ratio of the long-term to during shaking is plotted against the 

input motion as a percentage in Figure 5.70. The positive ratio means the increment both during 

shaking and in the long term. However, a negative ratio means there may be a decrease during 

shaking or in the long term. 

 

Figure 5.68: Increment during loading and long-term during dynamic loading from Case 1 (a) wall 

top displacement (b) bending moment at Z=10.75m (c) lateral pressure at Z=11.25m (d) lateral 

pressure at Z=2.0m 
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Figure 5.69: Increment during loading and long-term during dynamic loading from Case 3 (a) wall 

top displacement (b) bending moment at Z=10.75m (c) lateral pressure at Z=11.25m (d) lateral 

pressure at Z=2.0m. 

 

As shown in Figure 5.70 (a), in the case of displacement, the ratio of displacement decreases with 

the increase in the amplitude of the input motion. The larger wall displacement during shaking by 

large amplitude motion caused the reduction of the ratio. Comparing the final shaking from CASE  

1 (shake 11) with the shake from Case 3 (where large amplitude motion was applied), the ratio of 

displacement remains the same. During the dry shake 3 from Case 1, the sudden increase in the 

ratio was due to the large displacement increment in the long term. Also, as observed in Figure 

5.70 (b), the ratio of the bending moment was more than 100%, which means the resilience effect 

was completely neutralized, which caused the larger long-term displacement. Comparing the final 

dry shake from Case 1 with Case 3 and the final shaking after the second water rise from Case 1 

and Case 3, it was observed that the ratio of the bending moment was smaller in CASE  1 than in 

Case 3. Due to the smaller resilience effect by the smaller embedment depth, the reduction of the 

resilience effect was larger for the smaller embedment depth. In terms of lateral pressure, overall, 

the ratio is observed in Figure 5. 70 (c) was smaller than the 5.70 (d). This observation indicates 

that the long-term effect on lateral pressure is more significant at shallower depths than at deeper 

depths.  

Overall, due to the resilience effect, the long-term effect becomes less significant for this particular 

model and loading conditions. 
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Figure 5.70: Ratio of long-term increment to the increment during shaking (a) wall top 

displacement (b) bending moment at Z=10.75m (c) lateral pressure at Z=11.25m (d) lateral 

pressure at Z=2.0m. 

 

5.5.13.2 Long-term behaviour after static loading: 

To discuss the long-term behavior after static loading, the increment of wall top displacement from 

Case 1 and Case  3 is plotted against the logarithmic time in Figure 5.71. Similarly, the variation 

of wall top displacement at constant water level from the 2D plate wall model reported by 

Kunasegaram and Takemura (2021) is plotted in this figure. It was observed that the long-term 

displacement from the 2D plate wall model was larger than that of the CSTP wall model. Also, the 

long-term displacement was larger for smaller embedment depth than for larger embedment depth, 

which was confirmed from both model tests. In the Case of the 2D plate wall model, the long-term 

displacement of the smaller embedment depth was about 65% larger than the larger embedment 

depth. On the other hand, in the CSTP wall model, the difference was about 20%. In the 2D plate 

wall model, a sharp increase in wall top displacement was observed in the later part but not for the 

CSTP wall model. This sharp increase in displacement indicated that the 2D plate wall model 

reached the creep rupture point for dr=2.5m. For dr=3.0m, a concave upward trend was confirmed 

at the beginning and then a linear trend.  

The 2D plate wall model reached the active condition when a constant water level was maintained. 

Also, the water level was larger for the 2D plate wall model than for the CSTP wall model. On the 

other hand, as observed from Figures 5.36, 5.37 and 5.54, the CSTP wall did not reach the active 
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conditions at different depths for the CSTP wall model, caused a small wall top displacement 

increment after static loading. Also, no significant difference was observed for the CSTP wall with 

dr=2.5m and 3.0m, which could be due to the resilience effect.  

 

 

Figure 5.71: Long-term increment in wall top displacement after static loading. 
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considered similar to chapter 4 (Figure 4.15 & 4.16). In the first p-y analysis, only the lateral spring 
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considered (Figure 4.16). The parameter used to calculate the slope of the p-y curve is given in 

Table 5.7.  
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determine the applicability of the earth pressure as distributed load. Furthermore, the dynamic wall 

displacement was determined by using earth pressure measured at the time of max. bending 

moment at Z=10.75m as input load. Also, the wall displacement was calculated against the 

commonly assumed active (Ka) and at-rest (K0) condition at different water level from Case 1 and 

3, given in Table 5.2. 

 

Table 5.8: Parameters used to calculate horizontal subgrade modulus of Model-1 

Parameters Unit Value 

Pile diameter, Φ m 2 

Flexural rigidity, EI kN-m2 14559073.02 

α - 4 

Deformation modulus, Eo [kN/m2] kPa 220000 

Bref m 0.3 

BH m 10 

 

The measured wall deflection from the p-y analysis is shown in Figure 5.72 for embedment depths 

of 3m and 2.5m. The wall deflection is larger for without base shear condition than with base shear 

condition. Also, the wall deflection was larger for dr=2.5m than 3.0m.   

The bending moment distribution obtained from the p-y analysis is shown in Figure 5.75. The 

bending moment distribution with and without base shear are similar as the input distributed load 

was similar. However, the bending moment distribution for dr=3.0m is larger than dr=2.5m. Figure 

5.74 shows the shear force distribution obtained for dr=3.0m and 2.5m under with and without 

base shear conditions. The mobilised base shear increases with the increase of the load. Also, the 

mobilised base shear is larger for dr=2.5m than dr=3.0m. The soil reaction profile obtained from 

the p-y analysis is shown in Figure 5.75. In the soil reaction profile, the depth with constant soil 

reaction can be considered as yielding depth. The yielding depth is larger for without base shear 

case than the with base shear case. 
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Figure 5.72: Wall deflection obtained from p-y analysis (a,b) Case 1:dr=3.0m (c,d) Case 3:dr=2.5m. 
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Figure 5.73: Wall bending moment distribution obtained from p-y analysis (a,b) Case 1:dr=3.0m 

(c,d) Case 3:dr=2.5m. 
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Figure 5.74: Wall shear force distribution obtained from p-y analysis (a,b) Case 1:dr=3.0m (c,d) 

Case 3:dr=2.5m. 

 

 

 

0

2

4

6

8

10

12

14

16

-3000 -2000 -1000 0 1000 2000

D
is

ta
n
c
e
 f
ro

m
 w

a
ll 

to
p
, 
Z

 [
m

]

Shear force [kN]

Initial
After S5
After S11

(b)

Without BS

Case 1:dr=3.0m

0

2

4

6

8

10

12

14

16

-3000 -2000 -1000 0 1000 2000

D
is

ta
n
c
e
 f
ro

m
 w

a
ll 

to
p
, 
Z

 [
m

]

Shear force [kN]

Initial

After S1

After S2

(c)

With BS

Case 3:dr=2.5m

0

2

4

6

8

10

12

14

16

-3000 -2000 -1000 0 1000 2000

D
is

ta
n
c
e
 f
ro

m
 w

a
ll 

to
p
, 
Z

 [
m

]

Shear force [kN]

Initial

After S1

After S2

(d)

Without BS

Case 3:dr=2.5m

0

2

4

6

8

10

12

14

16

-3000 -2000 -1000 0 1000 2000

D
is

ta
n
c
e
 f
ro

m
 w

a
ll 

to
p
, 
Z

 [
m

]

Shear force [kN]

Initial

After S5

After S11

(a)

With BS

Case 1:dr=3.0m



 

192 
 

 

 

 

 

Figure 5.75: Soil reaction profile obtained from p-y analysis (a,b) Case 1:dr=3.0m (c,d) Case 

3:dr=2.5m. 
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Figure 5.76 shows the normalised residual wall top displacement variation with the moment load. 

For dr=3.0m, the wall displacement predicted by the p-y analysis provides good agreement with 

the centrifuge test result, especially up to ML=2000 MNm/m or δt<0.5%H. However, for 

ML>2000kNm/m, the centrifuge test result provided a larger displacement than the p-y analysis. 

This observation suggests that the horizontal subgrade coefficient, KH, from the centrifuge model 

gradually decreased by loading with the accumulation of residual displacement. On the other hand, 

the KH from the p-y analysis remains constant, resulting in a larger wall top displacement from the 

centrifuge model than the p-y analysis. For dr=2.5m, no such behaviour can be confirmed. Also, 

the p-y analysis fails to predict the wall displacement at a larger load without base shear condition, 

which could be due to insufficient mobilised resistance of the wall. After the final loading, the p-

y analysis predicted a larger wall top displacement than the centrifuge model. 

 

Figure 5.76: Predictability of residual wall displacement after dynamic loading by bi-linear p-y 

curve. 

 

Dynamic wall top displacement variation is plotted against the input acceleration in Figure 5.77. 
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gradually increasing the amplitude of the input motion. The dynamic wall top displacement from 

the centrifuge model varied almost linearly with the input acceleration. However, in the p-y 

analysis, a nonlinear relationship between wall top displacement and input acceleration can be seen 

for the hw=9.6m condition. This observation could be attributed to the uncertainty in the earth 

pressure measurement, as discussed in 5.5.5.1. The bilinear p-y curve with base shear can predict 

the wall top displacement with reasonable accuracy up to shake 3 (ai=0.4g) in dry conditions. 

However, with the increase of loading history, the centrifuge model showed larger wall top 

displacement than the p-y analysis due to the reduction of KH.   

Based on Figures 5.76 and 5.77, it can be said that the bi-linear p-y curve could reasonably predict 

the residual and dynamic wall displacement δt<0.5%H. As the residual wall displacement increases, 

the plastic deformation of the rock could reduce the KH, resulting in a large wall displacement. 

Therefore, a bi-linear p-y curve with variable KH based on the plastic deformation could provide 

a more accurate prediction of the wall displacement. Also, it can be said that the bi-linear p-y curve 

cannot predict the resilience effect (see section 5.5.9), which occurs during the dynamic loading. 

 

 

Figure 5.77: Predictability of dynamic wall displacement by bi-linear p-y curve. 
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From the p-y analysis, the level of plastic deformation or yielding below the rock surface is 

determined for with and without base shear conditions. Figure 5.78 shows the variation of the rock 

yielding with the moment load. Also, the variation of the normalised wall top displacement with 

moment load is shown in this figure. Larger yielding can be seen without base shear conditions 

than with base shear conditions for dr=2.5m and 3.0m. Without base shear condition, both dr=2.5m 

and 3.0m showed about 30% yielding, where the yielding for dr=2.5m occurred at a smaller 

moment load than dr=3.0m. This observation can be interpreted as smaller the embedment depth, 

larger the residual displacement, which caused larger plastic deformation of rock. After the final 

loading, larger yielding can be seen for dr=2.5m than dr=3.0m, with larger wall top displacement 

for the former than the latter. 

 

Figure 5.78: Variation of plastic deformation or yielding of rock with moment load. 
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effect of base shear is more significant for smaller embedment depth than for larger embedment 

depth, which is also confirmed in Chapter 4. 

 

 

Figure 5.79: Variation of normalised base shear stress with moment load. 
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Figure 5.80: Applicability of using design active and at-rest pressure to predict wall displacement 

after dynamic loading. 
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[Appraisal 2] Effect of embedment condition on the stability of the CSTP wall: 

In a construction site, the shallow rock layer could be disturbed during the construction process, 

leading to a smaller or no strength. Therefore, three scenarios could be expected: 1. Assuming the 

full embedment depth is equal to rock socketing depth (Case 1) 2. Assuming embedment depth in 

a combination of rock socketing depth and weak layer (sand) (Case 4) 3. Assuming the embedment 

depth with only reduced rock socketing depth (subtracting the weak layer) (Case 3). Based on the 

stability analysis given in Figures 5.11 and 5.16, at hw=0m, the factor of safety for condition 1 is 

about 30% larger than that of condition 2. However, the factor of safety in condition 2 is about 

10% smaller than in condition 3. A significant effect of the difference in the stability can be 

confirmed between conditions 1 and 2. However, between conditions 2 and 3, not much effect can 

be confirmed up to a certain level. However, in the ultimate condition, the effect of the stability 

becomes visible, and condition 2 provides more stability than condition 3. Therefore, when 

rationalising the design method, it is crucial to consider the influence of the heterogeneous ground 

conditions. 

 

[Appraisal 3] Design of CSTP wall embedded into stiff ground subjected to dynamic loading by 

assuming the active condition: 

The design of the CSTP wall, assuming an active condition in the stiff ground, may lead to an 

underestimation of the lateral pressure acting on the wall. Figures 5.35, 5.36, and 5.54 demonstrate 

the variation of the normalised effective earth pressure, which was larger than the at-rest pressure, 

especially at shallower depths. This increase in pressure can be attributed to the resilience effect 

discussed in this research, which is critical for high-stiffness walls embedded into stiff ground. 

Moreover, for larger embedment depths, the increase of the normalised effective earth pressure 

becomes more significant. Based on this large earth pressure, the wall deflection profile shown in 

Figure 5.58 confirms that if the wall is designed using active conditions, it will underestimate the 

wall deflection by about 40%. Furthermore, based on Figure 5.54, for dr=3.0m, an almost constant 

earth pressure ratio distribution was observed. Therefore, residual earth pressure, which is more 

than the active or even at-rest pressure, should be considered for rational design, especially after 

the dynamic loading. 

 

[Appraisal 4] Consideration of the ‘(elastic) resilience effect’ of high stiffness wall embedded into 

the stiff ground: 

For high-stiffness walls embedded into the stiff ground with good confinement conditions, the 

residual effective earth pressure increases with the wall displacement by dynamic loadings, defined 

as the “elastic resilience effect” in this study (Figure 5.57). The resilience effect plays a critical 

role in CSTP wall behaviour under sequential loadings. By severe loading sequence of the dynamic 

and static conditions, the wall moved larger than 2%H at the wall top. However, the effective earth 

pressures kept increasing trend, confirming the secured wall confinement by the rock until the end 
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of the final loading (Figure 5.35-36). The effective stress ratio (σ′h/σ′v) over at-rest (K0) and active 

(Ka) pressure coefficient could be expected. It suggests that commonly assumed Ka or K0 earth 

pressure in the design might lead to underestimating the wall bending moment. 

 

[Appraisal 5] Long-term behaviour of the CSTP wall with large retain height without additional 

support: 

Figures 5.68 and 5.69 illustrate that the wall displacement increases after loading while the lateral 

pressure and bending moment decrease. This phenomenon results from creep, causing the wall to 

gradually move forward and release accumulated lateral pressure by the resilience effect. However, 

as demonstrated in Figure 5.67, the reduction in lateral pressure only occurs until the wall reaches 

the active condition. Once the wall reaches the active condition, further movement does not 

decrease lateral pressure, which can be considered as creep failure. Figures 5.65 and 5.66 show 

that this condition may not be reached for this CSTP wall model with different embedment depths. 

In this particular model, the resilience effect plays a critical role in determining the long-term 

behaviour of the CSTP wall. The magnitudes of creep displacement are very small and negligible 

compared to the displacements during the dynamic loading. Noticeable creep displacement can be 

expected after the static loading by the rise of water. For the rational design of a less redundant 

CSTP wall, the long-term behaviour of such a structure needs to be considered. 

 

[Appraisal 5] Use of simple bi-linear p-y curve for predicting the residual behaviour of the CSTP 

wall embedded into the stiff ground: 

If the actual total earth pressure acting on the wall can be measured in the real site, using the two-

spring model , where the lateral spring is defined by the JARA (2017) and a base shear spring with 

stiffness 1/3 of the lateral spring recommended for caisson type foundation by JARA (2017) and 

actual total earth pressure as imposed load, could reasonably predict the residual wall displacement 

up to δt<0.5%H. However, assuming the commonly used active or at-rest earth pressure as imposed 

external load might underestimate the residual wall displacement due to the resilience effect, which 

is unique for the high stiffness wall embedded into stiff ground. There are several limitations of 

using the bi-linear p-y curve to predict the residual wall displacement. Firstly, in actual conditions, 

as the residual wall displacement increases, the plastic deformation of the rock could reduce the 

kH, which cannot be predicted by the bi-linear p-y curve with constant kH. Therefore, a bi-linear p-

y curve with variable kH based on the plastic deformation could provide a more accurate residual 

wall top displacement prediction. Secondly, the bi-linear p-y curve cannot predict the resilience 

effect, which occurs during the dynamic loadings.  

 

5.7 Summary: 

In this study, a large diameter (Φ=2m) cantilever steel tubular piles (CSTP) wall embedded in a 

soft rock was modelled in a centrifuge with the wall height H=12m and embedment depth to the 
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rock dr = 2.5-3.0m overlaying sand layer, ds=0-1m, and dry, dense sand as the retained soil under 

50g centrifugal acceleration. A series of dynamic and static loadings were applied to create an 

extreme loading condition. From these sequential loadings, the following conclusions were 

derived: 

1. For the relatively small dr, the resistance mobilised at the base of the tubular pile 

significantly contributes to the stability of the wall. 

2. The CSTP wall demonstrated stability even with wall top displacement exceeding 2%H for 

dr=2.5m (β.dr=1.0). This suggests safety with an embedment depth below the 

recommended value (β.dr=3.0). Increasing β.dr by 20% in a single rock layer notably 

reduces wall top displacement. However, weathering of the shallow rock layer could 

decrease wall stability. 

3. The natural frequency of high-stiffness CSTP walls embedded in hard ground is relatively 

large (>5Hz). With the high natural frequency of the wall, the amplification of acceleration 

against the earthquake with a relatively lower dominant frequency could monotonically 

become larger with increasing input acceleration for dry retained soil conditions. While for 

the wall with a high water level, the amplifications are even larger than that of the dry 

condition, but the variation of amplification with the input acceleration is rather 

complicated and affected by several factors, such as excess porewater, densification and 

effective earth pressure. 

4. For high-stiffness walls embedded into the stiff ground with good confinement conditions, 

the residual effective earth pressure increases with the wall displacement by dynamic 

loadings, defined as the “elastic resilience effect” in this study. The resilience effect is 

critical in CSTP wall behaviour under sequential loadings. By severe loading sequence of 

the dynamic and static conditions, the wall moved larger than 2%H at the wall top. 

However, the effective earth pressures kept increasing trend, confirming the secured wall 

confinement by the rock until the end of the final loading. For dr=3.0m, the effective stress 

ratio (σ′h/σ′v) close to 0.6 was observed at the end of final loading, which is about twice 

and three times at-rest (K0) and active (Ka) pressure coefficient, respectively. It suggests 

that commonly assumed Ka or K0 earth pressure in the design might lead to underestimating 

the wall bending moment. 

5. The elastic resilience depends on the embedment conditions. A larger elastic resilience 

effect could be expected for a single rock layer for larger embedment depth. However, 

weathering of the shallow rock layer could reduce the resilience effect. 

6. For the large diameter thin wall tubular pile, a stress concentration or a propping action 

might cause the local deformation of the pile near the rock surface, which affects the 

bending moment measurement using strain gauges. 

7. The dynamic component of the total moment load acting on the wall could be estimated by 

the difference between the maximum and residual bending moments at the rock surface, 

which has two components: induced by the dynamic earth pressure and the inertia of wall 

mass. Due to the phase difference of the wall earth pressure at different heights, the 

maximum value of the earth pressure component does not occur at the same time as the 

maximum wall moment load. However, the inertia component is generated at the same 

time. As a result, although the mass of the tubular pile wall is relatively small, the 
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contribution of the wall inertia to the wall dynamic component became significant at about 

60%.  

8. The long-term creep displacement of the wall will be less of a concern for the dynamic 

loading than the static loading due to the reduction of earth pressure by the resilience effect 

developed by the dynamic loading. 

9. If the actual total earth pressure acting on the wall can be measured in the real site, using 

the two-spring model , where the lateral spring is defined by the JARA (2017) and a base 

shear spring with stiffness 1/3 of the lateral spring recommended for caisson type 

foundation by JARA (2017) and actual total earth pressure as imposed load, could 

reasonably predict the residual wall displacement up to δt<0.5%H. However, assuming the 

commonly used active or at-rest earth pressure as imposed external load might 

underestimate the residual wall displacement due to the resilience effect, which is unique 

for the high stiffness wall embedded into stiff ground. There are several limitations of using 

the bi-linear p-y curve to predict the residual wall displacement. Firstly, in actual conditions, 

as the residual wall displacement increases, the plastic deformation of the rock could 

reduce the kH, which cannot be predicted by the bi-linear p-y curve with constant kH. 

Therefore, a bi-linear p-y curve with variable kH based on the plastic deformation could 

provide a more accurate residual wall top displacement prediction. Secondly, the bi-linear 

p-y curve cannot predict the resilience effect, which occurs during the dynamic loadings.   

10. The mobilisation of base shear provides a positive effect on the stability of the wall. The 

smaller the embedment depth, the larger the effect of base shear. 

 

References: 

1. Brinkgreve, R.B.J., Engin, E. and Engin, H.K., 2010. Validation of empirical formulas to 

derive model parameters for sands. Numerical methods in geotechnical engineering, 1, 

pp.137-142. 

2. Borghei, A, Ghayoomi, M, & Turner, M (2020) Effects of Groundwater Level on Seismic 

Response of Soil–Foundation Systems. Journal of Geotechnical and Geoenvironmental 

Engineering, 146(10), 04020110, https://doi.org/10.1061/(ASCE)GT.1943-5606.0002359 

3. Conti, R., Madabhushi, G.S.P., Viggiani, G.M.B., 2012. On the behaviour of flexible retaining 

walls under seismic actions. Géotechnique 62, 1081–1094. 

https://doi.org/10.1680/geot.11.P.029 

4. Carter, JP, & Kulhawy, FH (1988) Analysis and design of drilled shaft foundations socketed 

into rock. Electric Power Research Inst., Palo Alto, CA (USA); Cornell Univ., Ithaca. 

5. Carter, J. P., & Kulhawy, F. H. (1992). Analysis of Laterally Loaded Shafts in Rock. Journal 

of Geotechnical Engineering, 118(6), 839–855, https://doi.org/10.1061/(ASCE)0733-

9410(1992)118:6(839) 

6. Day, R.W., 1997. Design and Construction of Cantilevered Retaining Walls. Pract. Period. 

Struct. Des. Constr. 2, 16–21. https://doi.org/10.1061/(ASCE)1084-0680(1997)2:1(16) 

7. D'Andrea, R. and Day, R.W., 1998. Discussion and closure: design and construction of 

cantilevered retaining walls. Practice Periodical on Structural Design and Construction, 3(2), 

pp.87-88. 

8. Fukushima, S., Tatsuoka, F., 1984. Strength and Deformation Characteristics of Saturated 

Sand at Extremely Low Pressures. Soils and Foundations 24, 30–48. 

https://doi.org/10.3208/sandf1972.24.4_30 

https://doi.org/10.1061/(ASCE)GT.1943-5606.0002359
https://doi.org/10.1680/geot.11.P.029
https://doi.org/10.1061/(ASCE)0733-9410(1992)118:6(839)
https://doi.org/10.1061/(ASCE)0733-9410(1992)118:6(839)
https://doi.org/10.1061/(ASCE)1084-0680(1997)2:1(16)
https://doi.org/10.3208/sandf1972.24.4_30


 

202 
 

9. Gaba, AR, Hardy, S, Doughty, L, Selemetas, D and Powrie, W, 2016. Embedded retaining 

walls – guidance for design, Report C760, CIRIA, London. 

10. Gopal Madabhushi, S.P., Chandrasekaran, V.S., 2005. Rotation of Cantilever Sheet Pile Walls. 

J. Geotech. Geoenviron. Eng. 131, 202–212. https://doi.org/10.1061/(ASCE)1090-

0241(2005)131:2(202) 

11. Ishihama, Y., Takemura, J. and Kunasegaram, V., 2020. Analytical evaluation of deformation 

behavior of cantilever type retaining wall using large diameter steel tubular piles into stiff 

ground. In Geotechnics for Sustainable Infrastructure Development (pp. 91-98). Springer 

Singapore. 

12. Japan road Association (JRA). 2017. Specification of road bridges and explanations, IV: lower 

structures. (in Japanese). 

13. Joseph, M., Banerjee, S. and Pakrashi, V., 2021. Estimation of the dynamic amplification 

factor at backfill soil behind a gravity wall. Geotechnical Research, 8(4), pp.95-107. 

14. Kunasegaram, V., Akazawa, S., Takemura, J., Seki, S., Fujiwara, K., Ishihama, Y. and Fujii, 

Y., 2015. Modeling of soft rock for a centrifuge study. ProCase  12th GeoKanto, pp.15-19. 

15. Kunasegaram, V., Shafi, S.M., Takemura, J., Ishihama, Y., 2020. Centrifuge Model Study on 

Cantilever Steel Tubular Pile Wall Embedded in Soft Rock, in: Duc Long, P., Dung, N.T. 

(Eds.), Geotechnics for Sustainable Infrastructure Development, Lecture Notes in Civil 

Engineering. Springer Singapore, Singapore, pp. 1045–1052. https://doi.org/10.1007/978-

981-15-2184-3_135 

16. Kunasegaram, V., Takemura, J., 2021. Deflection and failure of high-stiffness cantilever 

retaining wall embedded in soft rock. International Journal of Physical Modelling in 

Geotechnics 21, 114–134. https://doi.org/10.1680/jphmg.19.00008 

17. Takemura, J., Kondoh, M., Esaki, T., Kouda, M., Kusakabe, O., 1999. Centrifuge Model Tests 

on Double Propped Wall Excavation in Soft Clay. Soils and Foundations 39, 75–87. 

https://doi.org/10.3208/sandf.39.3_75 

18. Tatsuoka, F., Sakamoto, M., Kawamura, T. and Fukushima, S., 1986. Strength and 

deformation characteristics of sand in plane strain compression at extremely low pressures. 

Soils and Foundations, 26(1), pp.65-84. 

19. Weiler, WA, & Kulhawy, FH (1982) Factors Affecting Stress Cell Measurements in Soil. 

Journal of the Geotechnical Engineering Division, 108(12), 1529–1548, 

https://doi.org/10.1061/AJGEB6.0001393 

20. Talesnick, ML, Ringel, M, & Avraham, R (2014). Measurement of contact soil pressure in 

physical modelling of soil–structure interaction. International Journal of Physical Modelling 

in Geotechnics, 14(1), 3–12, https://doi.org/10.1680/ijpmg.13.00008 

21. Weiler, WA, & Kulhawy, FH (1982) Factors Affecting Stress Cell Measurements in Soil. 

Journal of the 627 Geotechnical Engineering Division, 108(12), 1529–1548, 628 

https://doi.org/10.1061/AJGEB6.0001393 

 

 

 

https://doi.org/10.1061/(ASCE)1090-0241(2005)131:2(202)
https://doi.org/10.1061/(ASCE)1090-0241(2005)131:2(202)
https://doi.org/10.1680/jphmg.19.00008
https://doi.org/10.3208/sandf.39.3_75
https://doi.org/10.1061/AJGEB6.0001393
https://doi.org/10.1680/ijpmg.13.00008
https://doi.org/10.1061/AJGEB6.0001393


 

203 
 

Chapter 6 

Conclusions and recommendations 

6.1 Conclusions: 

The stability of Cantilever type Steel Tubular Pile (CSTP) walls made of a steel tubular pile 

embedded into soft rock ground was investigated against various loading conditions. Tokyo tech 

Mark III centrifuge was used to conduct the tests under 50g centrifugal acceleration. Based on the 

model and test conditions provided in this research, the following conclusions can be drawn: 

Based on model pile and soft rock: 

• For the diameter over thickness ratio (Φ/t) equals 80, the actual yielding of the steel tubular 

pile occurs at around 65% of the theoretical yielding moment. In the ultimate condition, 

failure is characterized by the formation of elephant-footed buckling near the support, with 

the specific failure mechanism influenced by the socketing condition. 

• The application of the Euler-Bernoulli theorem can be reasonably applied up to the point 

of nonlinear strain occurring at approximately 65% of the theoretical yielding moment for 

the diameter over thickness ratio (Φ/t) equals 80. Beyond this limit, the application of the 

theorem may lead to an overestimation of the bending moment. 

• The lateral resistance of the pile increases with the increase of rock socketing depth, a 

behaviour that is effectively captured in both the 50g and 1g model tests. However, the 1g 

model underestimates the lateral resistance, particularly after the formation of tension 

cracks near the rock surface, indicating a limitation of the 1g model test. 

• The failure mechanism significantly affects the load-displacement behaviour, particularly 

the post-peak behaviour, in both the 50g and 1g models. While both ground and structural 

failure were observed in the 50g model test, the 1g model consistently exhibited ground 

failure. 

• No effect of confining pressure or rock socketing depth can be confirmed up to δt=1%Φ 

for dr/Φ=1.5 and 2 in the 50g model test. However, in the 1g model test, this behaviour is 

limited to δt=0.5% Φ. For dr/Φ=1, due to the rigid nature of the pile, no effect of material 

weight or gravity can be expected. 

Based on a simple pile wall model embedded into soft rock: 

• Based on the numerical analysis conducted for the centrifuge model test, no significant 

effect of the container wall was observed on the load-displacement behaviour by further 

increasing the container width, especially for dr/Φ =1.5. The effect varies about 4-5% on 

the load-displacement behaviour. However, certain effects from the back wall could be 

expected for larger embedment depth dr/Φ =2.0. 
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• The base shear positively contributes to the stability of the large-diameter CSTP wall. The 

contribution is larger for smaller embedment depth conditions than for larger embedment 

depth conditions. 

• For the bi-linear p-y method, bi-linear P-y curve without base shear recommended by 

JARA (2017) could be more conservative for predicting the load-displacement relationship 

of large-diameter piles embedded in the stiff ground than the model with base shear spring. 

Two springs model, where the lateral spring is defined by the JARA (2017) and a base 

shear spring with stiffness 1/3 of the lateral spring recommended for caisson type 

foundation by JARA (2017), could predict the load-displacement curve at small to large 

imposed displacement (<10.0%Φ) reasonably in the conservative side, especially for the 

small loading level.  . However, a more sophisticated non-linear p-y curve might be suitable 

to predict the non-linear load-displacement relationship at small imposed displacement 

(<1.0%Φ). 

• The contribution of base shear resistance to the lateral resistance of the pile depends on the 

base shear p-y curve stiffness. Larger base shear stiffness (Model 3) could provide larger 

base shear resistance. However, the yielding might occur at a very small imposed 

displacement or lateral load.  

• Different trends can be expected based on the base shear p-y curve stiffness. A non-linear 

relationship could be expected in the lateral load-base shear curve for the base shear p-y 

curve with smaller stiffness (Model 2) but almost linear for larger stiffness (Model 3). More 

hardening can be expected in the trend for smaller stiffness than larger stiffness based on 

the embedment depth (more hardening for larger embedment depth than the smaller 

embedment depth). Therefore, smaller stiffness could contribute less to the lateral 

resistance but prevent the quick occurrence of the ultimate condition. 

 

Based on Cantilever Type Steel Tubular Pile (CSTP) wall embedded in soft rock subjected to 

sequential dynamic and static loadings: 

• For the relatively small dr, the resistance mobilised at the base of the tubular pile 

significantly contributes to the stability of the wall. 

• The CSTP wall demonstrated stability even with wall top displacement exceeding 2%H 

for dr=2.5m (β.dr=1.0). This suggests safety with an embedment depth below the 

recommended value (β.dr=3.0). Increasing β.dr by 20% in a single rock layer notably 

reduces wall top displacement. However, weathering of the shallow rock layer could 

decrease wall stability. 

• The natural frequency of high-stiffness CSTP walls embedded in hard ground is relatively 

large (>5Hz). With the high natural frequency of the wall, the amplification of acceleration 

against the earthquake with a relatively lower dominant frequency could monotonically 

become larger with increasing input acceleration for dry retained soil conditions. While 

for the wall with a high water level, the amplifications are even larger than that of the dry 

condition, but the variation of amplification with the input acceleration is rather 

complicated and affected by several factors, such as excess porewater, densification and 

effective earth pressure. 

• For high-stiffness walls embedded into the stiff ground with good confinement conditions, 
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the residual effective earth pressure increases with the wall displacement by dynamic 

loadings, defined as the “elastic resilience effect” in this study. The resilience effect is 

critical in CSTP wall behaviour under sequential loadings. By severe loading sequence of 

the dynamic and static conditions, the wall moved larger than 2%H at the wall top. 

However, the effective earth pressures kept increasing trend, confirming the secured wall 

confinement by the rock until the end of the final loading. For dr=3.0m, the effective stress 

ratio (σ′h/σ′v) close to 0.6 was observed at the end of final loading, which is about twice 

and three times at-rest (K0) and active (Ka) pressure coefficient, respectively. It suggests 

that commonly assumed Ka or K0 earth pressure in the design might lead to 

underestimating the wall bending moment. 

• The elastic resilience depends on the embedment conditions. A larger elastic resilience 

effect could be expected for a single rock layer for larger embedment depth. However, 

weathering of the shallow rock layer could reduce the resilience effect. 

• For the large diameter thin wall tubular pile, a stress concentration or a propping action 

might cause the local deformation of the pile near the rock surface, which affects the 

bending moment measurement using strain gauges. 

• The dynamic component of the total moment load acting on the wall could be estimated 

by the difference between the maximum and residual bending moments at the rock surface, 

which has two components: induced by the dynamic earth pressure and the inertia of wall 

mass. Due to the phase difference of the wall earth pressure at different heights, the 

maximum value of the earth pressure component does not occur at the same time as the 

maximum wall moment load. However, the inertia component is generated at the same 

time. As a result, although the mass of the tubular pile wall is relatively small, the 

contribution of the wall inertia to the wall dynamic component became significant at about 

60%.  

• The long-term creep displacement of the wall will be less of a concern for the dynamic 

loading than the static loading due to the reduction of earth pressure by the resilience effect 

developed by the dynamic loading. 

• If the actual total earth pressure acting on the wall can be measured in the real site, using 

the two-spring model , where the lateral spring is defined by the JARA (2017) and a base 

shear spring with stiffness 1/3 of the lateral spring recommended for caisson type 

foundation by JARA (2017) and actual total earth pressure as imposed load, could 

reasonably predict the residual wall displacement up to δt<0.5%H. However, assuming 

the commonly used active or at-rest earth pressure as imposed external load might 

underestimate the residual wall displacement due to the resilience effect, which is unique 

for the high stiffness wall embedded into stiff ground. There are several limitations of 

using the bi-linear p-y curve to predict the residual wall displacement. Firstly, in actual 

conditions, as the residual wall displacement increases, the plastic deformation of the rock 

could reduce the kH, which cannot be predicted by the bi-linear p-y curve with constant 

kH. Therefore, a bi-linear p-y curve with variable kH based on the plastic deformation could 

provide a more accurate residual wall top displacement prediction. Secondly, the bi-linear 

p-y curve cannot predict the resilience effect, which occurs during the dynamic loadings. 

• The mobilisation of base shear provides a positive effect on the stability of the wall. The 

smaller the embedment depth, the larger the effect of base shear. 
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6.2 Further recommendation: 

Numerical and analytical approaches could be used to investigate the CSTP wall behaviour 

subjected to various loadings. In predicting the residual wall displacement after the loading 

(especially after dynamic loading), a non-linear p-y curve with spring stiffness varies with the 

loading history could be used to predict the behaviour because the actual load-displacement curve 

is not bi-linear but shows post-peak softening behaviour. Also, a more sophisticated p-y curve 

should be considered to model the effect of base shear. A more detailed 3D FEM analysis is 

recommended. 
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Appendix:  

Appendix 4.1: Base condition observed in the design of deep foundation by JARA (2017) 

and the centrifuge model condition. 

 

 

 

Appendix 4.2: Centrifuge test result from simple pile wall model (a) variation of moment 

load with wall toe rotation (b) variation of cyclic vertical displacement with the wall top 

displacement. 
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Appendix 4.3: (a) load displacement curve obtained at rock surface (b) load displacement 

curve at small imposed displacement. 
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Appendix 5.1 Typical shape of the input motion applied in case 1, 3 and 6. 

 

 

Appendix 5.2: Typical shape of white noise applied in case 1 and 3. 
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Appendix 5.3: Transfer function variation during different white noise in case 1. 
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Appendix 5.4: Transfer function variation during different white noise in case 3. 
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Appendix 5.5: Side view of the centrifuge model from case 4. 

 

 

 

 

Appendix 5.6: Observed transfer function at wall top from case 4. 
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Appendix 5.7: Comparison of back calculated moment load from measured lateral pressure 

distribution with strain gauge moment load. 

 

 

 

Appendix 5.8: Change of water level in case 3 and 4 
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Appendix 5.9: Wall top displacement measured from case 1, 3 and 6. 
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Appendix 5.10: Lateral pressure measured at Z=2.0m, 6.25m and 11.25m from case 1, 3 

and 6. 
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Appendix 5. 11: Bending moment measured at Z=10.75m from case 1, 3 and 6. 
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Appendix 5.12 Excess pore water pressure ratio obtained from case 1 for shake 6-11. 
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Appendix 5.13 Parametric study based on Figure 5.10 

(a) Effect of wall height (H) on the factor of safety 

 

 

(b) Effect of material strength on factor of safety 
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(c) Variation of pivotal point with embedment depth 

 

 

 

 

(d) Variation of pivotal point with water level (hw) 
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(e) Variation of factor of safety with overlaying sand layer 
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Appendix 5.14: Variation of amplification ratio and phase angle with number of cycles for 

case 3 (shake 1-4) 

 

 

 

 

 

 

 

 

 

 

0

0.4

0.8

1.2

1.6

2

0 5 10 15 20 25 30

A
m

p
lif

ic
a
ti
o
n
 r

a
ti
o
 [
a

w
i/
b
i/a

ii]

Number of cycle, nc

wall
backfill

-100

-90

-80

-70

-60

-50

-40

-30

-20

-10

0

0 5 10 15 20 25 30

P
h
a
s
e
 a

n
g
le

, 
θ

P
H

Number of cycle, nc

Case 3

dr=2.5m

(a)

(b)

Shake 1

hw=0m

Shake 2

hw=8.3m

Shake 3

hw=10.3m

Shake 4

hw=10.3m



 

222 
 

Appendix 5.15: Variation of amplification ratio and phase angle with number of cycles for 

case 4 (shake 1-4) 

 

 

Figure 5.23: Variation of (a) amplification ratio (b) Phase angle with number of cycle of case 4 

(shake 1-4).  
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Appendix 5.16: Comparison of residual moment load between the centrifuge and p-y analysis 
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